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Manuel Rocha Lecture
Manuel Rocha (1913-1981) was honoured by the Portuguese Geotechnical Society with
the establishment of the Lecture Series bearing his name in 1984.
Having completed the Civil Engineering Degree at the Technical University of Lisbon
(1938) he did post-graduate training at MIT. He was the driving force behind the creation
of the research team in Civil Engineering that would lead to the foundation of the National
Laboratory for Civil Engineering (LNEC), in Lisbon. He was Head of LNEC from 1954 to
1974 and led it to the cutting edge of research in Civil Engineering.
His research work had great impact in the area of concrete dams and rock mechanics. He
was the 1st President of the International Society for Rock Mechanics and organized its 1st
Congress in Lisbon (1966). He did consultancy work in numerous countries. He was Honorary President of the Portuguese Geotechnical Society, having promoted with great commitment the cooperation between Portugal and Brazil in the area of Civil Engineering, and
member of the National Academy of Sciences of the USA. Recognized as a brilliant researcher, scientist and professor, with a sharp, discerning intellect allied to a prodigious capacity for work and management, he was truly a man of many talents.

The 2018 Manuel Rocha Lecture was presented by Prof. Dr. Laura Caldeira, Head of the
Geotechnics Department of LNEC, the National Laboratory for Civil Engineering in Lisbon, Portugal. She is a former professor of Universidade do Porto and Universidade Nova de Lisboa and, between 2008 and 2016, of Instituto Superior Técnico. Dr. Caldeira graduated in Civil Engineering
with honours in 1981 from Universidade do Porto, having obtained a Ph.D. degree from the same institution in 1994. Her Ph.D. research focused on the dynamic analysis of embankment dams, including studies conducted at University of Princeton (USA) of strain localization in particulate media and
liquefaction of the alluvial foundation of embankment dams. In 1998, Dr. Caldeira became a researcher at LNEC, and, in the following year, head of the Foundations Division. In 2006 she obtained
her Habilitation, presenting a research program on Risk Analyses in Geotechnics and Application to
Embankment Dams. Dr. Caldeira has also been involved in consulting, including a number of large
dams, tunnels, and the Lisbon Docks, and has authored or co-authored more than 40 journal and 140
congress publications, one book and 15 book chapters, and more than 260 technical reports. Dr.
Caldeira delivered more than 40 invited lectures in Portugal and elsewhere, and was president of the
Portuguese Geotechnical Society from 2008 to 2012. She has integrated several committees, namely
at the Science and Technology Foundation, the Engineering Academy, and the Dam Safety Commission in Portugal, and the European Large Geotechnical Institutes Platform.
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Internal Erosion in Dams
L. Caldeira
Abstract. In embankment dams and dam foundations, internal erosion is the major cause of structural dam failures and
incidents. Internal erosion develops locally along concentrated leaks or in the largest flow velocity zones, where the
permeability is high, and at the interface between coarse and fine materials, where the flow velocity in coarse material may
be high compared to the adjacent fine material. The mechanics of the equilibrium of the particle governs the initiation of the
internal erosion. Filter and drain systems constitute a first line of defense against the phase of continuation of erosion. It is
assumed by several authors that the continuation of internal erosion can be prevented by using adequate granular filters in
areas where important hydraulic gradients may develop. This lecture addresses the most important and frequent of those
internal erosion mechanisms in dams - induced by concentrated leaks or by backward erosion piping, presenting event trees
for estimating the resultant probabilities of failure. To assist in the determination of the range of probabilities of their
branches, a set of laboratory tests is described. In complement, some knowledge gaps related to the described mechanisms
are identified, where future research efforts are directed at LNEC. Two case studies of dams and one case study of a
cofferdam with internal erosion problems are described. The first is an embankment dam, Lapão dam, where due to design
and construction problems an internal erosion process was developed. The other is Crestuma dam, a gated structure type.
Since the dam started operating, the riverbed near the dam has been subject to frequent monitoring that showed progressive
scour of the protective rockfill layer. This lecture presents the results of the studies undertaken in relation to the hydraulic
stability of the alluvial foundation of the dam stilling basins and of the downstream rockfill, and the main features of the
implemented repairing solutions. The last case is a cofferdam constituted by natural decomposed granite rock mass and a
water tightness solution with jet grouting columns and grouting. The problems of internal erosion related to this type of
formation are described, as well as the interventions adopted to overcome their effects.
Keywords: backward erosion piping, case studies, concentrated leaks, laboratory tests.

1. Introduction
Internal erosion is a major cause of structural dam
failures and of incidents on embankment dams and on foundations of concrete or masonry dams. The statistics of embankment dam failures shows that internal erosion is responsible for 46%, overtopping for 48%, and sliding for
only 6% (4% in static conditions and 2% in seismic conditions) of the failures with known failure mode.
Most of these failures occurred on the first filling, but
they also can happen after this period due to cracking (more
likely to occur in the upper part of the dam), deterioration of
the conduits through embankments and adjacent structures
confining with embankments or the ground, and nonexistent or deficient filter systems. Incidents include excessive, new or increased seepage and leakage, sinkholes, sand
boils, and fast settlements of the dam. Sinkholes may be
present in all types of internal erosion, and if they are observed, the erosion has already progressed and time to failure may be small.
In recent years, two lines of investigation of internal
erosion have been addressed: the application of risk assessment methods in the estimation of the probability of failure
of dams due to internal erosion phenomena, and the improvement of the knowledge about the mechanisms that

can result in dam failure by internal erosion (ICOLD,
2017).
Internal erosion develops locally along concentrated
leaks or in the largest flow velocity zones, where the permeability is high, and at the interface between coarse and fine
materials, where the flow velocity in coarse material may
be high compared to the adjacent fine material. The mechanics of the equilibrium of the particle governs the initiation of the internal erosion, and five main mechanisms can
be distinguished: concentrated leaks along flaws, backward
erosion, contact erosion, suffusion and suffosion.
This lecture addresses the most important and frequent failure mechanisms in dams: those induced by concentrated leaks and backward erosion piping. It describes in
detail the internal erosion process necessary to evaluate the
probability of dam failure, based on event tree analyses,
and including the purpose and functions of filters. It also
presents the tests that assist the assessment of some of the
probabilities of the branches. Some of the gaps of knowledge that require further investigation are also identified.
Case studies of two dams and a cofferdam with internal erosion problems are presented. The first is an embankment dam, Lapão dam, where due to design and construction problems internal erosion processes were developed
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through concentrated leaks. The other is a large gated concrete structure type where the riverbed near the dam had
been subject to frequent monitoring that showed progressive scour of the protective layer. With this scour, the foundation of the dam was no longer protected against backward erosion piping. Finally, it is presented a cofferdam,
with internal erosion initiation and progression in natural
decomposed granite, and the evidences of their occurrence
are described.

2. Failure Probability Due to Internal
Erosion Induced by Concentrated Leaks
A methodology for estimating probabilities of failure
of embankment dams by internal erosion and to investigate
aspects related with internal erosion in embankment dams
and their foundations is being developed, which involves
the decomposition of the internal erosion failure process
into a sequence of steps (Fell et al., 2008). Generally, the
steps considered are the following: (1) loading conditions
assessment; (2) identification of the location where the
internal erosion can start, and of its paths; (3) initiation of
erosion; (4) filtration or continuation of erosion; (5) progression; (6) detection; (7) intervention and repair; (8) and
formation of a breach mechanism. This sequence can be interrupted if there are zones capable of stopping the erosion
process once initiated, or if it is detected and inhibited during the erosion phases prior to the formation of the breach.
In terms of loading conditions, the historic cases
showed that nearly all internal erosion failures in the embankment took place when the reservoir was at the highest
level ever, or within one meter of that level, while in the
foundation the reservoir level was not as determinant
(ICOLD, 2017). However, Engemoen & Redlinger (2009)
and Engemoen (2011), based on a detailed analysis of internal erosion incidents of 220 embankment dams, concluded
that they can occur at any time in the dam life, when the reservoir level is close to normal high water level.
Figure 1 presents the event tree developed for the estimation of the probability of failure induced by a concen-

trated leak due to the presence of a transverse crack in the
embankment, caused by differential settlement. To evaluate the probability of failure, one must assess the probability of the initial event (the assumed reservoir loading) and
the probability of each branch of the event tree that leads to
the breach formation, i.e., the failure of the dam, in Fig. 1
represented by the red triangular shape.
Internal erosion may initiate in the embankment due
to a concentrated leak in transverse cracks, poorly compacted or high permeability zones, a gap at the interface
with concrete structures formed due to differential settlement between the embankment and the structure, or due to
the collapse settlement of poorly compacted fill in the embankment around conduits and adjacent to walls.
Cracking in embankment dams can be induced by
vertical stress release caused by arching between two or
more locations that do not settle as much as the location between them, by hydraulic fracturing, and by seismic action.
Most of hydraulic fracturing occurs during the first filling
of the reservoir as a wetting front passes through the dam.
Nevertheless, water penetrating the sides of a crack may
produce some swelling in unsaturated soils that can close
the crack before erosion begins to make it wider, the behaviour of the dam being dependent on which process progresses faster (swelling or erosion).
If the gradient is sufficient to detach particles by slaking along the walls of the crack or flaw, the soil is subsequently eroded by water flowing at relatively high velocity,
and the erosion or scour process initiates.
If there is a proper filter, the eroded particles are then
carried out through the preferential flow path to the filter
face, and the filter will stop particle erosion through the
crack by a self-healing process presented in Fig. 2.
In an initial stage (Fig. 2a), the soil eroded from a
crack is caught at the filter face, forming a cake (a material
with high solids content and low permeability), by a penetration mechanism. The eroded particles progressively fill
the voids with a velocity that decreases with increasing
head loss, until equilibrium between driving forces and

Figure 1 - Event tree for estimation of the probability of failure by internal erosion induced by concentrated leaks (adapted from
Shewbridge, 2014).
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Figure 2 - Self-healing process at the end of a crack: a) initial stage; b) intermediate stage; c) final stage (adapted from Redlinger, 2014).

friction forces stops the flow. The depth of penetration of
the eroded particles into the confining filter is governed by
the hydraulic gradient and the geometrical characteristics
of the pore system. The high gradient between water in the
crack and the adjacent filter causes some widening of the
filter cake near the crack. Further widening of the filter cake
is induced in the next stages (Fig. 2b), until the local hydraulic gradient is reduced. At the final stage (Fig. 2c) the
low permeability filter cake covers the opening and the adjacent zones on each side of the crack. The remaining filter
adequately collects seepage flow through the pores of the
soil.
Once the internal erosion process starts, for a given
load condition, and there are no effective filters stopping
eroded particles along the erosion path, the continuation
and progression of internal erosion are governed by the mechanics of grain transport and shall be assessed. Mechanical and hydraulic conditions must take place simultaneously (ICOLD, 2017), namely cracks, pipes, or other
defects must be sustained, and the drag force by seepage
flow must be sufficient to continue the particle transport.
The erosion will progress unless an equilibrium situation
develops and the eroding forces become equal to or less
than the resisting forces.
Soils capable of holding a crack or pipe, either fully or
partially saturated, are: well compacted soils containing
more than 5% plastic fines, poorly compacted soils containing more than 15% plastic fines, and soils containing more
than 30% non-plastic fines. Non-plastic silts, sands, and
gravels will not in general hold a roof as the roof will collapse when they become saturated. However, partially saturated and non-plastic soils with high fines content may hold
a roof along the phreatic surface, for example, but the roof,
which in this situation is sustained by the negative pore water pressure, i.e., by suction, may collapse when saturated.
As the flaw enlarges, the hydraulic shear stresses increase, and the erosion will progress unless the reservoir is
drawn down to reduce the gradient. In general, this enlargement is rapid, leading to the dam breach, usually within few
hours. However, in some cases, even though initially concentrated leaks had rapidly been developed in the embankment, the flow stopped or tended to stabilize. The most

Soils and Rocks, São Paulo, 41(3): 237-263, September-December, 2018.

relevant issue in zoned dams appears to be related to the
types of material upstream of the cracked core (Fell et al.,
2003). In the described scenarios, the limitation of erosion
progression may be attributed to the flow restriction and/or
crack-filling actions. Therefore, it is necessary to evaluate
the possible contribution of those materials in the internal
erosion process.
The flow restriction action is in place when the upstream shell or an upstream transition zone in a zoned dam
is able to restrict the flow that can pass through a concentrated leak in the core. An example of an accident where the
flow appears to have been restricted has occurred in the
Balderhead dam.
Balderhead dam is 48 m high earth-rockfill dam, built
in England in 1961-1965, where transverse cracks were detected in the thin central clayey core, likely due to hydraulic
fracture (Sherard, 1973). Compacted schist materials constituted the upstream shell. A transition zone was adopted
immediately upstream of the core, using fine schist material. The flow restriction action was partially imputed to the
relatively low permeability of the upstream transition zone.
The upstream crack-filling action involves the washing in of particles of the upstream material into core cracks.
These particles are transported by seepage flow from the interface with the cracked core up to the downstream material. The upstream material from higher levels may fall
down into the empty space created by the particles dislocated at the crack level, and then carried away downstream.
This continuous process can fill up the crack and stop the
concentrated leakage, and eventually may lead to the development of a sinkhole at the crest or at the upstream slope.
This concept has been incorporated into embankment
dam design for some decades, by the use of upstream sandy
zones as crack stoppers (Sherard & Dunnigan, 1985), a redundant measure that takes into account the possible presence of a deficiently designed or constructed filter. The
filter might not properly hold the eroded particles from the
cracked core, but it can retain the particles washed from the
upstream material.
Foster et al. (1998) identified several case studies
with evidences of the washing in of materials into cracks
(shown by sinkhole formation), and of the decrease of leak-
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age flow rates. Examples include Balderhead dam in England, Matahina dam in New Zealand, Viddalsvatn dam in
Norway, Wreck Cove dam in Canada, Uljua dam in Finland, and St. Stephen Powerhouse dam in USA. They noticed the following common characteristics of those dams:
a downstream filter or permeable zone, which enables the
filtering of particles washed from upstream materials, and a
coarse granular material constituting the upstream zone.
When the upstream material is unable to provide flow
limitation or a crack filling action and if the internal erosion
phenomenon is not detected, or proper mitigation measures
are not implemented, the crack tends to enlarge very
quickly, the crack walls become very unstable, collapsing
into the flow, and a breach is formed.

sloughing and transport under essentially zero effective
stress).

3. Failure Probability Due to Backward
Erosion Piping

If the soil is unable to hold the cavity, the pipes collapse, resulting in the movement of the soil above, and
unravelling if it occurs on the downstream slope of an embankment. In this case, the phenomenon is called global
backward erosion.

The detachment of particles at the exit of the leakage
path characterizes the initiation of a backward erosion
mechanism. Along any given seepage flow path through
the pore space, each soil will have a critical gradient based
on its properties. If this gradient is exceeded at the discharge point, soil particles will be eroded away with the
flow water. For silts and clays (IP > 7), very high gradients
are required to initiate backward erosion piping, but for
non-clayey soils (IP < 7) and particularly non-plastic soils,
much lower gradients will initiate it.
The critical gradient depends on the uniformity of
particle size distribution, the mass and size of particles, and
soil density. High susceptibility to detachment is present in
soils with particles of fine uniformly graded sand with no
clay (SP or SP-SM according to the Unified Soil Classification System), low particle mass, and lack of inter-particle
attraction. More resistant are large sand particles and gravels, due to their large mass, well-graded sands, where small
particles are blocked by larger particles in the mass, and
compacted or dense soils. According to Schmertmann
(2001), the minimum hydraulic gradient that leads to material movement is only 0.08 and the velocity required for
scour along a concentrated leak is 40 to 90 times that required for piping (a quick condition resulting in localized

When a filter does not support the discharge face and
the critical gradient is exceeded, soil particles are eroded
from that discharge face. A cavity or a pipe is formed and it
progresses from downstream to upstream at a faster and
faster rate, as the gradient and the flow increase with the
loss of soil.
If the soil is capable of supporting the cavity, failure
follows as the cavity enlarges rapidly due to the intense erosive forces. This type of occurrence is called backward erosion piping, and its onset at the foundation is often detected
by the presence of sand boils at the downstream side of the
dam.

To protect against backward erosion piping, a granular filter is placed in contact with a surface of the soil
(herein called base soil), properly confined by a downstream zone such that positive pressure is ensured. Filters
support the discharge face with points of contact spaced at
some distance as determined by the gradation of the filter.
Figure 3 shows the interface between the base soil and the
filter, where after stabilization, the coarse particles of the
soil base (D85) are retained by the fine particles of the filter
(D15), creating a bridging effect between contact points,
which prevents any particle movement (including colloidal
particles).
Filters are granular soils, cleaned of fine particles,
manufactured from natural earth materials by grading,
screening, washing and/or crushing. The fines content must
be insufficient to bind the granular particles together (no
cohesion criterion) and to prevent free flow of water. It consists of an internally stable granular porous medium (selffiltration or stability and segregation criteria) with pore size
openings small enough to prevent migration of the base soil
through which the water is flowing into the filter (retention

Figure 3 - Bridging effect at the interface between the base soil and the filter (adapted from Cedergren, 1977).
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criterion) and sufficiently pervious to offer little resistance
to water flow (drainage criterion).
They serve to accommodate high gradients through a
dam by intercepting the seepage flow from the zone containing high gradients and reducing them to near zero in the
internal drainage system. The filter materials must be of
sufficiently high quality (strength criterion) so that the filter
will not be able to sustain a crack. The compaction characteristic must also be controlled, because there is some evidence that very dense compacted filters, namely gravels,
may hold a crack (Redlinger et al., 2011).
In the past and presently, the development of filter
criteria for soils has been centred on empirical relationships
based on laboratory testing, focused on determining the
grain size of a filter required to protect a base soil, which
limited the fines content and precluded the use of materials
with plasticity or any type of binders or cementing agents.
However, analysing the results of tests, Foster and
Fell verified that filters which were too coarse to satisfy the
usual design criteria could eventually seal after retaining a
certain quantity of eroded material. The coarser particles
from the base soil may become retained at the surface of the
filter forming a finer filter, which in turn may stop the erosion process. Therefore, they considered three filter erosion
boundaries, namely: no erosion, excessive erosion, and
continuing erosion boundaries (Fig. 4). These boundaries
allow to define when the filter works with practically no
erosion, after “some” erosion of the base material and after
“excessive” erosion of the base material, and when the filter
is too coarse to retain the eroded base materials, i.e., is
prone to continuing erosion. Based on test results, they proposed the criteria for these boundaries that can be found in
Foster & Fell (2000, 2001).
The criteria for excessive and continuing erosion
boundaries are particularly useful when assessing existing
dams with a filter or transition zone which is coarser than
required by current filter design criteria. ICOLD (2017),
based on the information about case histories, suggests the
following categories for filters as a function of the maxi-

Figure 4 - Conceptual filter erosion boundaries (Foster & Fell,
2000, 2001).

mum leakage flow that could develop due to piping: up to
100 L/s, filters with some erosion; between 100 and
1,000 L/s, filters with excessive erosion; and more than
1,000 L/s, filters with continuing erosion.
Figure 5 presents the event tree developed for the estimation of the probability of failure induced by backward
erosion piping due to the presence of an unfiltered exit associated to a continuous layer of sandy soil. As explained
before, the internal erosion starts when the critical gradient
is exceeded at the exit point (internal erosion initiation).
Whether the erosion progresses upstream towards the reservoir depends on the seepage gradient within the erosion
pipe. There is a critical gradient above which the soil particles will be detached and a critical flow velocity above
which the particles will be transported in the erosion pipe.
For reaching dam failure, it is essential that no filter exists

Figure 5 - Event tree for estimation of the probability of failure by backward erosion piping (adapted from Shewbridge, 2014).
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or filters with continuing erosion be present along the seepage path ending in the formed pipe, that the pipe is stable,
and that the reservoir level is sufficient high to continue the
detachment and transport of the particles from the pipe surface (internal erosion progression). Breach initiation is less
likely if some or excessive erosion are expected. Additionally, it is necessary that no detection or no timely intervention take place.
There are two basic approaches to make dams capable
of resisting internal erosion: barriers, to prevent seepage
from passing through the dam or foundation, and filters to
trap any particles eroded by seepage, while allowing the
water to drain away downstream.
In general, filters are associated to drains, which are a
second stage to the first stage filter, and are used to convey
larger amounts of seepage flow, in order to control the saturation level and the seepage pressure in the downstream
section of the dam, and to carry the water to a safe and controlled exit. The filter and drains must have sufficient
capacity to carry the volume of seepage water, and a permeability larger than any of the layers of the dam or foundation
that encounters the filter. Otherwise, the pressure will build
up in the layers with higher permeability.

4. Tests to Assist the Assessment of Failure
Probability Due to Internal Erosion
Some of the probability ranges associated to some of
the branches of the event trees presented can be estimated
through laboratory testing, namely, the dispersion of clayey
soils, the soil erodibility, as well as the flow restriction and
the crack filling actions. In the following, this section de-

scribes some of the tests used for those purposes, and
presents their results.
4.1. Pinhole test
For evaluating the adequacy of a filter, it is necessary
to characterize the soil to be protected in terms of its dispersion. The pinhole test is possibly the most used direct and
qualitative measurement of the dispersibility and colloidal
erodibility of clayey soils.
Figure 6 shows the setup of the pinhole test, which
models the action of water flowing along a flaw. The test
starts with distilled water flowing horizontally under a hydraulic head of 50 mm through a 1 mm diameter pipe
punched in a nominal 38 mm long specimen of clay. During
the test, it is appreciated the cloudiness of the flowing solution emerging from the specimen, and evaluated the flow
rate and the final size of the pipe through the specimen. The
first measurement of discharge corresponds to the time, in
seconds, required to collect 10 mL, and the following to the
time interval required to collect 25, 50 or 100 mL of effluent. Normally, the duration of the test is 5 or 10 min (see
Table 1). It is important to observe and record the characteristics of the pipe at the end of the test. Due to the heterogeneous nature of the soil, it is possible to have all the colloidal erosion develop in one or more small areas along the
pipe through an undisturbed sample.
Flow from dispersive clay is dark, and the specimen
pipe enlarges rapidly with an increase of the flow rate. Flow
from slightly to moderately dispersive clay is slightly dark,
but the pipe diameter and the flow rate remain constant dur-

Figure 6 - Pinhole test apparatus (Sherard et al., 1976).
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< 1.5

³ 1.5

£ 1.5

> 1.5

³ 2.0

ing the test. In nondispersive clay, the flow is clear with no
measurable increase in the pipe size.
Table 1 shows the criteria for evaluating the results of
pinhole tests. Soils that fall into the categories D1 and D2
are dispersive. Soils that fall into the categories ND1, ND2,
ND3 and ND4 are considered non-dispersive.

Perfectly clear
Perfectly clear
1020
ND1

5

£ 3.0

Barely visible
Clear
> 3.0
5
1020

1.8-3.2
5
380

ND2

Slightly dark

Moderately dark
Slightly dark

Barely visible
ND3

1.4-2.7

0.8-1.0

5

50

180

ND4

10

Dark
Moderately dark
1.0-1.4
50
D2

10

Very dark
Dark
1.0-1.4
5
50
D1

Head (mm)

Test time for given head (min)

Final flow through specimen (mL/s)

From side

From top

4.2. Hole erosion test

Dispersive
classification

Table 1 - Summary of criteria for evaluating results of pinhole test (ASTM D4647 / D4647M, 2013).

Cloudiness flow at end of test

Hole size after test (mm)
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For evaluating the probability of initiation of internal
erosion induced by concentrated leaks, it is necessary to
compare the applied hydraulic shear stress with the critical
shear stress that will initiate erosion at the degree of saturation of the soil on the sidewalls of the flaw. For this purpose, it is necessary to carry a series of Hole Erosion Tests
(HET) at varying heads.
This type of tests has been conducted in the laboratory to simulate erosion through a concentrated leak in an
undisturbed cylindrical specimen or in an unsaturated soil
specimen compacted into a mould. It is suitable for soils
containing plastic or non-plastic fines, which will sustain
an opening when wetted during the test.
Figure 7 shows a schematic diagram of the HET apparatus used at LNEC. The soil specimen can be compacted
inside a standard Proctor mould, a 6 mm diameter hole is
drilled along the centreline axis, and the mould with the
specimen is assembled between two chambers made of
acrylic glass. The monitoring devices of the HET are an
electromagnetic flow meter, located upstream of the test
cell, and two standpipe piezometers installed on the acrylic
chambers near the ends of the test specimen. A control
valve is installed upstream of the test cell, to assist in the
test procedures.
The test starts imposing a selected head loss, by fully
opening the control valve. During the test, the flow rate and
the piezometric levels are recorded at regular intervals. The
test ends when one of the following criteria is attained: 3 h
of test duration; 1,000 L/h of flow rate; 25 mm of diameter
of the pipe eroded; blocking or collapse of the erosion pipe.
After dismantling the test apparatus, the compaction
mould is placed vertically, and the pipe filled in with
melted paraffin wax. After cooling of the paraffin wax, the
specimen is extracted from the compaction mould, and the
soil surrounding the paraffin mould is carefully removed.
The equivalent diameter of the resulting erosion pipe is estimated by measuring the paraffin mould volume. The paraffin mould also gives an indication about the shape of the
erosion pipe at the end of the test, and the roughness of the
surface along its length.
In order to have a successful test, a condition of progressive erosion must be achieved, where the enlargement
of the pipe leads to further increase in shear stress and
higher rates of erosion. When both the rate of erosion, &e, and
the applied hydraulic shear stress, t, increase, they usually
have an approximately linear relationship, given by
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Figure 7 - Schematic diagram of the Hole Erosion Test (HET) setup used at LNEC (Santos, 2014).

e& = C e ( t - t c )

(1)

where Ce (kg.N-1.s-1) is the coefficient of soil erosion, and tc
(Pa) the critical shear stress for soil detachment, which corresponds to the intersection of the straight line with the horizontal axis. This equation is valid only for t > tc. Wan &

Fell (2002, 2004) have found it convenient to define the
erosion rate index, I, as
I = - log C e

(2)

Figure 8 shows the results of a HET, with the evolution of the erosion pipe diameter and its time derivative

Figure 8 - Estimation of the diameter of the pipe and of the erodibility parameters: a) evolution of the erosion pipe diameter and its time
derivative; b) erosion rate vs. applied shear stresses.
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(Fig. 8a), used to estimate the erosion rate and shear
stresses applied in the pipe walls along the test (Fig. 8b).
Based on those results, the erodibility parameters are:
Ce = 6.38 ´ 10-5 s/m, tc = 32.8 Pa and I = 4.2.
Soils with erosion rate index lower than 2 are usually
so erodible that they cannot be successfully tested in HET
devices. Since erodibility is strongly influenced by the
compaction characteristics, the authors have defined a rep~
resentative erosion rate index, I , determined for soils compacted to 95% standard Proctor maximum dry unit weight
at optimum water content, and the classification system is
shown in Table 2. The time for erosion to progress is very
dependent on the erosion properties expressed by the erosion rate index.
Most clayey soils tested have significantly higher erosion rate indices (slower erosion) and higher critical shear
stresses when saturated than at the partially saturated compaction condition. This is an important finding because it
means that once the core of a dam built of clayey soil is saturated and consolidated, it may have a slower rate of erosion, and a higher critical shear stress.
Intact samples, with in-place soil structure, are preferred to remoulded samples. Large differences of critical
shear stresses are often noticed between them.
4.3. Flow limiting erosion test
Fry (2007) states that an upstream shell of a relatively
fine-grained material can generate such relevant head loss
that it can stop the erosion in a crack passing through the
core. The author considers that crack erosion is mainly dependent on the relation between the critical shear stress of
the core and the permeability of the shell. Cyganiewicz et
al. (2007) suggest that the likelihood of upstream soil
cracking should also be considered, since the ability of an
upstream material in limiting the flows may be substantial
reduced if it can sustain the crack.
To study the flow restriction action, a new test apparatus and its setup procedures have been developed by
Santos et al. (2014), aiming at the assessment of vulnerability to internal erosion progression of the cracked core of a
zoned dam, taking into account the presence of a shell or
transition zone upstream of the damaged core.
Table 2 - Qualitative classification of erodibility of soils based on
the representative erosion rate index (Wan & Fell, 2002).
Group

Representative erosion rate index Classification

1

<2

Extremely rapid

2

2-3

Very rapid

3

3-4

Moderately rapid

4

4-5

Moderately slow

5

5-6

Very slow

6

>6

Extremely slow
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Figure 9 - LNEC test cell used in the flow limiting erosion test
(Santos et al., 2014).

Figure 9 shows the new test cell designed. It is composed of three aluminium plates, three aligned aluminium
rings (with an inner diameter of 280 mm) and a circular
cover plate of acrylic glass. The different pieces are sequentially assembled, as the core and the upstream material are
being compacted, using threaded steel rods and nuts. The
test cell allows the compaction of a specimen composed of
a 170 mm long core, and an upstream material up to
250 mm long. The cell has a water inlet chamber, where, to
ensure lateral support for the upstream material, two concentric springs of similar stiffness and a rigid annular or a
porous plate are installed. At the downstream side, an outlet
chamber collects the eroded material from the pipe in the
core. The acrylic glass plate allows direct visualization into
this chamber. The inlet and outlet chambers have purge
valves used for air release/entrance during the filling/emptying of the test cell.
Figure 10 shows a schematic diagram of the setup of
the flow limiting erosion test (FLET). A pipe is drilled in
the centre of the core to model a concentrated leak. In some
tests, to take into account the observation by Cyganiewicz
et al. (2007), the pipe is also drilled in the upstream material. The specimen is subjected to water flow imposed
through a constant hydraulic head loss. The measurements
made during the tests include piezometric heads, flow rate,
and visual observations through the downstream acrylic
glass cover plate. The particle transportation and the turbidity of the effluent observed through the acrylic cover plate
are recorded using a digital camera. Detailed information
about the test cell, specimen preparation, test concept, test
setup, and test procedures can be found in Santos et al.
(2014).
The FLET results allow the identification of four
types of behaviour: flow stopping or decreasing greatly due
to upstream pipe collapse (type F1), flow limitation to a
threshold value (type F2), slowing down of core erosion
(type F3), and progression of severe erosion (type F4). Figure 11 shows the trend of the flow rate for each behaviour
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Figure 10 - Setup of the FLET (Santos, 2014).

particles are trapped inside the core pipe, which has no
erosion, since the core material has considerably higher resistance than the upstream material. The flow rate starts to
diminish while the upstream material continues to erode,
filling the voids between the trapped particles with even
smaller particles. This results in the progressive limitation
of the water flow, and the collapse of the pipe in the upstream material, due to prolonged soaking.

Figure 11 - Behaviour types observed in the FLET (Santos et al.,
2014).

Type F2 occurs when the upstream soil is non-erodible for the applied hydraulic load. The initial increase of
the flow rate is mostly due to the erosion of the pipe in the
core. In general, this occurs with the drop of the hydraulic
head loss in the core and with a slight increase of the hydraulic head loss in the upstream material. Consequently,
the shear stress, due to the eroding fluid on the pipe surface
in the core, decreases below its critical value. The erosion
process in the core slows down substantially, or even stops,
resulting in a constant flow rate.

type, and illustrates the typical layout of the specimen at the
end of the tests.
An extremely rapid erosion of the fines in the inner
surface of the erosion pipe in the upstream material, followed by the release of the surrounding coarser particles
with fast increasing flow rate, characterize the behaviour
type F1. After a short time, some of those coarser eroded

In type F3, after the initial increase of the flow rate,
the fines of the upstream material erode at a faster rate than
the core. This results in release of the coarse particles of the
upstream material, whose maximum dimension is higher
than the diameter of the pipe in the core. These particles become trapped at the interface with the core, resulting in
near-stabilization of the flow rate. Nevertheless, this rate is
sufficiently high to continue to erode the core, and those
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coarse particles end up being transported from the interface
downstream, with the flow rate increasing with no marked
restriction.
In type F4, the flow rate increases continually at a
very fast rate, mainly because of the high erosion rate of the
upstream material. Despite the low erosion resistance of the
upstream soil, the developing erosion pipe sustains its roof
during the progression of erosion.
Soils exhibiting behaviour type F1 are considered
highly capable of stopping the leak along the flaw. Soils
with behaviour type F2 are effective at limiting the increase
of the flow and thus controlling the progression of the internal erosion along a flaw in the core. Upstream soils showing type F3 and type F4 cannot be relied upon for providing
limitation to the progression of internal erosion.
4.4. Crack filling erosion test
There are very few laboratory experiments focused
on this topic. The exceptions are the laboratory tests carried
out by Maranha das Neves (1989, 1991), at LNEC, with the
Crack Erosion Test (CET). The CET allowed, for the first
time, the direct observation of the transport of eroded materials, from a crack wall to the filter face, as well as the assessment of the filtering mechanism at the filter layer.
Using a uniform layer located upstream of the core (which
acted as a crack stopper), the tests performed also enabled
the visualization of the crack filling action. Figure 12 shows
the setup of the CET. This apparatus allows to test any
crack orientation (horizontal, vertical or inclined), by setting the position of the test cell, and a range of applied hydraulic gradients and crack apertures. The original test
setup, represented in Fig. 12, was slightly changed by replacing the pea gravel layer enwrapped with an upstream
soil acting as crack filler.
Instead of simulating a crack, the crack filling erosion
test (CFET), designed by Santos et al. (2015) to study the
crack filling action, uses the test apparatus and cell developed for the FLET. For establishing the setup procedures,

the authors assumed the following basic assumptions: there
is a downstream filter that may not properly filter the particles eroded from the core, but can retain some of the particles that are washed from the upstream material. Consequently, this test aims to assess the vulnerability to internal
erosion progression of the cracked core of a zoned dam,
taking into account the presence of a shell or transition zone
upstream, and an inadequate filter.
As in the previous type of test, the different pieces of
the test cell are sequentially assembled, as the core, the upstream material, and the filter are being compacted. The
downstream filter is compacted within the outlet chamber,
which allows the compaction of a specimen with a 120 mm
long filter. A pipe is drilled in the centreline of the core to
model the concentrated leak.
Figure 13 shows a schematic diagram of the specimen
used in a CFET. The hydraulic loading conditions, measurements and observations made during the tests are those
described for the FLET. Detailed information about the
specimen preparation, test concept, test setup, and test procedures can be found in Santos et al. (2015).
The CFET results allow the identification of three
main types of behaviour: rapid crack filling with almost no

Figure 13 - Longitudinal section of specimen in a typical CFET
(Santos, 2014).

Figure 12 - Setup of the Crack Erosion Test (Maranha das Neves, 1989).
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Figure 14 - Behaviour types observed in the CFET (Santos et al.,
2015).

erosion of the core (type C1), filtering and stabilization after erosion of the core and/or upstream material (type C2),
and continuing erosion of the core and upstream material
(type C3). Type C2 behaviour can be divided into two
groups: after some erosion (type C2a), and after excessive
erosion (type C2b). Figure 14 shows the trend of the flow
rate for each behaviour type and Fig. 15 displays the typical
layout of the specimen at the end of the tests.
An extremely rapid transport of a considerable amount
of particles of the upstream material at the interface with the
core, along the pipe (forming a ‘sand jet’) up to the downstream filter face, characterizes the behaviour type C1. The
flow rate falls abruptly at an earlier stage of the test.
In tests of type C2, the flow rate increases rapidly due
to the development of suffusion in the upstream material.
The downstream filter is unable to retain this fine material
coming from the upstream material. At a given time, the hydraulic shear stresses, applied to the inner surface of the
pipe, reach values high enough to detach the sand-size particles, which are retained at the downstream filter face. This
filtering mechanism leads to a progressive decrease of the
flow, even to its stabilization. The eroded particles are
transported by flow up to the filter face, and, then, slowly
seep into the filter. This leads to two opposite effects on the
flow rate. On the one hand, the widening of the pipe diameter tends to increase the flow, and, on the other hand, the decrease of the filter permeability causes the decrease of the
seepage flow. This balance may result in an increase or stabilization of the flow for a period.

In tests of type C3, the flow rate increases rapidly.
There is a fast progression of suffusion in the upstream material, and the filter is too coarse to retain those particles.
Upstream soils showing behaviour type C1 in the
CFET are considered highly capable of rapidly filling
cracks in the core, and are effective in limiting the progression of internal erosion. Upstream soils exhibiting behaviour type C2 can stop the progression of the internal erosion
process by providing the filtering mechanism, which will
occur after some erosion or after excessive erosion. Upstream soils showing behaviour type C3 cannot be relied
upon for providing any effect on the progression of internal
erosion caused by a crack-filling action.

5. Knowledge Gaps in the Internal Erosion
Failure Process
There are some topics in the methodology and tests
presented that need further investigation in theoretical and
experimental terms, Namely the following are recognised
as very important:
• the conditions required for the stability of the walls of
cracks or the roof of pipes during and after the erosion
process;
• the influence of the seepage forces in the stability conditions in both types of internal erosion mechanisms (along
concentrated leaks or backward erosion piping);
• the representativeness of the laboratory tests, mostly performed on pipes, for the evaluation of erodibility conditions along cracks.
The concern about the structural behaviour of a dam
has always been to try to ensure a ductile, thus more stable,
structural behaviour, for which conditions of placement
and construction should be established so as to locate the
soil on the wet side of the critical state line (CSL), exhibiting a contractile behaviour. According to the critical states
concepts, the soil must be in a state of optimal compaction
when subjected to the service loads. Over-compaction has
the risk of cracking the soil body in blocks, presenting a
permeable to highly permeable behaviour as a whole.
An element of the core after compaction is characterized by its non-saturated state and some overconsolidation,
that is, the value of h = q/p’ is less than M. The stresses in
the element will proportionally increase due to the weight
of the overlying embankment. The mean stress increment

Figure 15 - Typical layout of the specimen at the end of the tests (Santos, 2014).
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determines a reduction in void ratio, and if the initial saturation degree is relatively high (80 to 90%), the soil becomes
saturated. Nevertheless, at the end of construction, the
stress state will remain slightly OC (point A in Fig. 16). The
soil will then exhibit a stable contractive behaviour.
When the dam is in operation, the total stresses before
and after reservoir filling are practically constant, and the
rise of the water level in the reservoir will induce saturation
in most of the core. However, it will also increase the pore
water pressure, uw, decreasing the effective stress, and the
soil becomes progressively OC (p’ decreases and q remains, from a practical point of view, constant). The corresponding stress path is represented in Fig. 16 by the arrow
AB. Depending on the value of uw and the depth of the element, the soil can reach a highly OC state (point B in
Fig. 16). Figure 16 also shows that, the larger the value of h
(represented, for example, by point B1), the larger the increase in the specific volume needed to reach failure, i.e.,
the critical state.
Independently of some precisions relative to the above (total pressure increase with soil saturation, flow effect,
etc.), in general terms, a core transition effect is plausible
from slightly OC to strongly OC, associated with the filling
of the reservoir, especially at dam lower levels (Maranha
das Neves, 2018).

Figure 16 - Decrease of p’ due to the increase of uw bringing the
soil from a slightly OC state to very OC states (passage of a contractile behaviour to a dilative behaviour) (Maranha das Neves,
2018).
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The mechanical (and hydraulic) behaviour of a saturated highly OC soil is very different from that of a NC soil
or slightly OC. This contrast is well identified in the behaviour map of a saturated remoulded soil (Fig. 17) presented
by Schofield (2005). In this figure, nl is a measure of the liquidity and degree of compaction of a set of stressed soil
particles, and h = q/p’ is a measure of the stress obliquity.
The left part of the map is of major interest as it concerns
heavily OC soils. The contrast of the soil behaviour in this
area with that of the area on the right is flagrant. In the latter, the soil behaviour (NC or slightly OC, that is, with OCR
of the order of 2.5) is the most well known and, in terms of
the stability of most geotechnical structures, the desired
one.
In the leftmost part of the map (h = 3 in compression),
the action of q can originate several types of possible mechanical and hydromechanical behaviour, such as cracking,
generation of fluidized soil blocks (rubbles), hydraulic
fracturing and internal erosion (piping). They all are situations difficult to model, barely known in their characteristics. For Mc < h < 3 (in compression), the action of q gives
rise to impervious sliding planes (in the sense that the water
pressure on a slip surface does not transmit to that of the
neighbouring soil).
It should be noted that the stress-strain behaviour of
highly OC soils is far from having been as well studied as
that of the NC or slightly OC soils. In the former, the occurrence of shear bands, despite the many difficulties that the
subject raises, has been widely studied. In the evaluation of
the localization, it is legitimately assumed that the soil is
uniform, since the shear bands corresponds to a plastic
flow. But, once critical situations are established regarding
the obliquity of stresses, such legitimacy is indeed dubious
(Gudehus, 2011).
On the other hand, a prolonged major drawdown of
the reservoir will substantially increase effective stress and
the undrained strength. With the refilling of the reservoir,
the water content will be increased but it will not reach the
values before the lowering of the water level in the reservoir, resulting in an increase of the undrained strength and
the resistance to hydraulic fracture (Atkinson et al., 1994).
This helps to explain why hydraulic fracture, in undrained
conditions, is more likely to occur during the first impounding of the reservoir.
Consider, now, a longitudinal or transversal vertical
crack developed during construction or induced by hydraulic fracture after or during reservoir filling, and filled with
water. Knowing that saturated soils do not exhibit effective
cohesion, what must be analysed is if there is a justification,
based on the high OC generated by the increase in pore water pressure, for crack sidewalls to be stable. This must consider the equilibrium of the flat face of the soil element
where the effective normal stress is zero. Up to now, there
is no knowledge of studies that meet all of these conditions
(of experimental nature or based on the study of mechanical
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Figure 17 - Map of disturbed saturated soil behaviour (Schofield, 2005).

behaviour), as well as the stability condition of cracks in
unsaturated soils. In addition, the mechanism of hydraulic
fracture in dam cores remains to be fully resolved (Atkinson et al., 1994).
There is no doubt that cracks decisively influence the
mechanical behaviour of the soil, but it is very difficult that
the occurrence of cracks can be detected using constitutive
relations. The transport of pore water and air becomes chaotic due to cracks, which can lead to a deterioration of the
soil skeleton and internal erosion (Gudehus, 2011).
The study of the stress-strain behaviour of highly OC
soils at low effective stress will be carried out at LNEC, using triaxial tests. The stress path of a soil element of the
core during construction, first filling and operation of a dam
will be simulated, in order to assess the failure mechanism
and configuration, and the strength of the soil in those conditions.
Another question is the contribution of the seepage
forces to the stability of the walls of cracks or the roof of the
pipes originated by both internal erosion mechanisms (concentrated leakage and backward erosion piping). An example of a flow net induced in the cracked core of a dam is
presented in Figure 18. Around the crack, the flow lines diverge from the crack and the seepage forces are directed
into the core, having a stabilizing effect on the crack walls.
Figure 19, on other hand, represents the flow nets of
an incipient pipe and of a developed backward erosion pipe.
Based on this figure, it can be concluded that the erosive capacity of the erosion pipe increases as its length, as well as
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Figure 18 - Flow net in a homogeneous core with a crack
(Löfquist, 1992).

the intake area (in blue), increase. The seepage forces originated by the flow in the soil are directed towards the pipe,
having therefore a diminishing (or negative) effect on the
pipe stability.
These opposite effects of seepage forces on these
mechanisms may help to justify the fact that the hydraulic
gradient needed to induce backward erosion piping is much
lower than that required for erosion along concentrated
leaks. Nevertheless, this subject requires further and systematic investigation.
As described in the previous section, the most commonly used tests involving internal erosion mechanisms
rely on pipes in cylindrical specimens, which are easier to
prepare. However, their results are used to evaluate the soil
erodibility along cracks and the flow restriction and crack
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Figure 19 - Flow nets illustrating increase of flow intake area as
length of erosion pipe increases: a) incipient state; b) after backward erosion piping has proceeded to a considerable distance
from the exit point (Terzaghi et al., 1996).

filling actions, which have very distinctive geometry,
boundary conditions and stress state around the crack.
Moreover, the tests are generally performed on unsaturated
soils, imposing hydraulic gradients much higher than those
present in dams.
Carrying out HETs, FLETs and CFETs, using cracks
with different orientations to model a concentrated leak in
the core, can be helpful for the research on the differences
in terms of stability, erodibility, flow limitation and crack
filling actions between cracks and pipes. Presently, these
tests are being performed and their results compared with
those of pipes, to establish correlations or correction factors
between both flaw geometries.
Nevertheless, the relationship between dam internal
erosion and the laboratory tests is less certain, and the results must be carefully calibrated with data from real case
studies.

6. Case Studies
6.1. Lapão dam
Lapão dam is located in the central part of Portugal,
6
3
with a total reservoir volume of 1.26 ´ 10 m , and was built
for water supply and irrigation purposes. The dam, with a
maximum height of 39 m, is constituted of clayey and silty
materials in the upstream shell and core, and materials re-

jected from Mortágua and Gândara ceramic industries in
the downstream shell, essentially composed of clayey
sands and gravels (Fig. 20). An internal drainage system,
with a vertical filter, a horizontal drainage blanket over the
riverbed and a downstream toe drain, was designed to control the seepage through the dam body and its foundation.
The downstream shell also contains several horizontal
drains to help the dissipation of pore water pressures resulting from the construction process. The upstream and downstream slopes are, respectively, 1(V):4(H) and 1(V):2.9(H).
The normal water level (NWL) is 217 m, the maximum water level is 218.6 m, and the crest elevation is 220 m. The
downstream slope includes an access road to the bottom
outlet exit. The dam is inserted in a narrow valley, with very
steep slopes (1(V):1.39(H), at the left riverbank, and
1(V):1.32(H), at the right riverbank), especially at the bottom, where the slope reaches 1(V):0.32(H) (Fig. 21).
The rock foundation is constituted by schistose rocks,
highly fractured superficially. From the hydraulic conductivity point of view, a series of Lugeon tests was executed,
in which very high absorptions were recorded down to 15 m
depth. Nevertheless, during construction, the foundation
treatment was limited to a restricted zone in the right riverbank, discarding the bottom valley and the left riverbank.
During the first filling of the dam, in 2002, only 2
months after the beginning of the reservoir filling, when the
water level was 211 m, it was detected an extensive cracking and settlements at the crest, mainly at the interface with
the spillway structure (Fig. 22). As a precautionary measure, it was decided to lower the reservoir level, to open the
bottom outlet valve, to carry out a proper field and laboratory investigation, and to install additional monitoring devices to identify the causes of such anomalous behaviour of
the dam.
In January 2003, after an intense rainfall in the catchment area, the reservoir level exceeded the NWL. It was recorded a large increase of seepage at the downstream toe
drain exit with cloudy water, as well as the formation of
sinkholes in the berm over the toe drain (Fig. 23) and in the
access to the bottom outlet valve (Fig. 24). These cavities
were promptly filled with sand bags to reduce the rate of
progression of internal erosion (Fig. 25), and the labyrinth
weir of the spillway was partial demolished to lower the

Figure 20 - Typical cross section of Lapão dam.
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Figure 21 - General view of the bottom valley before construction and during the placement of the drainage blanket.

Based on the valley shape and rock mass characteristics at the foundation and abutments, the design should
include transition zones composed of plastic materials
compacted on the wet side in contact with the rock formation and the spillway structure, as well as, in the lower
part of the dam, where the arching effects could be significant.

Figure 22 - Extensive cracking and settlements at the crest.

water level in the reservoir (Fig. 26). During and after emptying of the reservoir, two upstream sinkholes were noticed
at the spillway wall vicinity (Fig. 27).
The analysis of the design and construction available
elements, field and laboratory tests results, monitoring
data, and results from the visual inspections (Marcelino et
al., 2003) led to the following conclusions.

Lefranc and Lugeon tests carried out at the foundation
and foundation-embankment interface allowed to detect
several high permeability zones. The drainage blanket dimensions seemed to be insufficient to catch and safely
carry the seepage water downstream.
The records of the compaction control tests revealed
that the embankment was compacted with water contents
lower than the optimum, which could result in an excessive
stiffness and high susceptibility to cracking induced by
wetting collapse or differential settlement. They also
showed that the average thickness of lifts was excessive for
the vibrating rollers adopted.

Figure 23 - Sinkhole in the berm over the toe drain.
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Figure 24 - Sinkhole in the access to the bottom outlet valve.

Figure 25 - Sand bags placed inside the sinkholes.

Figure 26 - View of the spillway after partial demolition of the labyrinth weir.
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Figure 27 - Upstream sinkhole in the spillway vicinity.

The in situ investigation confirmed that the embankment was poorly compacted, especially in the upper part of
the dam.
The monitoring data indicated a deferred increase of
the settlement rates with the increase of the water level in

the reservoir, and horizontal displacements towards upstream and in the valley direction, during the first filling
(Marcelino, 2004, 2008). The results of two groups of total
cell pressures showed very pronounced arching effects at
the bottom of the dam, with the vertical stress of the group
at elevation 187.7 m (32 m deep) reaching the minimum
value of 100 kPa (Fig. 28). It is apparent in this figure that,
especially during the first filling, the embankment experienced significant changes in the stress field, capable of
causing hydraulic fracturing.
The above description of the dam and of its behaviour
allows to conclude that internal erosion processes have occurred in Lapão dam, initiated by two simultaneous mechanisms, both induced by concentrated leaks.The first was
caused by arching in the lower part of the dam, which resulted in hydraulic fracture during the filling of the reservoir. The cracks remained open until pore water pressure
dropped because of the lowering of the reservoir water levels. The cracks that closed, probably, re-opened when the
reservoir water level raised during the intense rainfall event
of January 2003, producing the downstream toe sinkhole.
These arching effects are due to the very narrow
shape of the bottom valley and the very difficult compaction conditions in the lower part of the dam, and have been
confirmed by the total pressure cell data. The materials of
the core and shells, being unsaturated clayey materials,
could easily sustain the crack, so the internal erosion process could continue as long as the hydraulic gradient was
enough to erode the walls of the crack, leading to the formation of the sinkhole over the downstream toe drain.
The other mechanism is associated to the interface between the embankment and the spillway wall, and the con-

Figure 28 - Vertical stress recorded in the cell groups G1 (at elevation 187.7 m) and G2 (at elevation 196 m) and corresponding overburden stresses.
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ditions of the (poorly compacted) upper part of the dam.
Vertical walls are likely to have gaps, where the soil collapses on saturation, forming a flaw (an open pathway) in
which water flows. The upper parts are also more likely to
be affected by cracking and hydraulic fracture due to differential settlements within the dam and its foundation during
and after construction. The effects of this mechanism are
the upstream sinkholes and the various downstream sinkholes near the spillway wall.
Additionally, the internal drainage system was not
properly designed or built to protect the dam given that
cloudy water flowed downstream.
6.2. Crestuma-Lever dam
Crestuma-Lever dam (Fig. 29), located 13 km upstream from Porto, is the last downstream hydropower
scheme of a dam cascade system in the Douro River, which
comprises 6 Spanish and 8 Portuguese dams. The catch2
ment covers 97,603 km . The dam was designed and built
by Electricity of Portugal (EDP) (completed in 1985) for
hydropower purposes (105 MW), water supply and river
navigation. The dam safety control has been followed-up
closely by EDP, with technical support from the National
Laboratory for Civil Engineering (LNEC).
Crestuma-Lever dam must cope with a very wide
range of flow discharges (the maximum flood discharge is
3
26,000 m /s) and a considerable variation of water depths
downstream (from a few meters to over 20 m), involving
tidal effects. To deal with these hydraulic constraints, a
gated dam was designed, composed of 8 concrete stilling
basins (56 m long), equipped with double leaf vertical roller
gates (28 m wide, 13.8 m high - Fig. 30), supported by
seven concrete piers, discharging floods by the crest and
bottom. These piers reach the schist bedrock, and cross
40 m of sandy soils. The stilling basins rest in the alluvial
riverbed. To reduce the seepage flow and hydraulic gradi-

ents, upstream and downstream partial concrete cut-off
walls were adopted, reaching elevation -17.50 m.
For the construction of the dam, two cofferdams were
used in each riverbank (Fig. 31), essentially formed by the
natural sand of the river bed as shells and a central concrete
diaphragm wall, properly sealed to the bedrock. In the central part of the river (stilling basins 1E and 3E), two plastic
self-hardening slurry walls (constituted of bentonite and
cement, represented in Fig. 31 in red) were executed upstream and downstream down to the bedrock, at a distance
of around 1 m from stilling basins 1E and 3E.
This solution is particularly sensitive to any abnormal
scouring of the riverbed downstream, and its foundation to
backward erosion piping, especially stilling basins 1E and
3E. To prevent uncontrolled scouring, the riverbed has
been protected with rockfill extending 80 m downstream of
the spillway (Fig. 32), placed over filter layers to inhibit the
initiation of backward erosion piping.
From the records of the spillway operation, it was
concluded that the most severe conditions concerning energy dissipation are those involving flow passing under the
gates. In fact, in special conditions, the hydraulic jump can
be pushed downstream of the stilling basin end sill, or even
worse, the outflow can be, in essence, a high energy horizontal jet (Melo et al., 2014).
Regular surveying of the downstream rockfill stability has been carried out. Particular attention has been given
after the occurrence of significant flood discharges. The
survey completed after the first significant flood
3
(13,000 m /s), in the 1989/90 winter, detected a 4 m deep
scour cavity in the initial 10 to 20 m of rockfill, and a 1 to
2 m high bar around 30 m downstream of the spillway end
sill in three out of the four basins surveyed. The following
surveys showed a general scour of the rockfill protection
close to the downstream concrete cut-off wall (Fig. 33).
Three-dimensional bathymetry surveys performed from

Figure 29 - Crestuma-Lever dam aerial view.
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Figure 30 - Crestuma-Lever cross section (Álvares Ribeiro et al., 1982).

Figure 31 - Crestuma-Lever cofferdams and plastic self-hardening slurry walls, in red (Álvares Ribeiro, 1991).

October 2007 onwards confirmed the previous general
scour near the stilling basins. Also visual inspections performed by divers showed that most material in the scour depression was formed by sediments and that the protective
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rockfill and underlying filter layers, adjacent to the downstream cut-off wall zone, were severely damaged.
In these circumstances, unprotected exits of the seepage flow in the downstream foundation existed, as well as a
continuous layer of fine to medium uniform sand in contact
with the stilling basins. Therefore, there were conditions
for the initiation of backward erosion piping if a sufficient
hydraulic gradient was induced at the exit point. If initiated,
this phenomenon would tend to progress and continue,
given that the overlying concrete structures constitutes an
artificial roof, which could allow the enlargement of the
formed pipes.
In 2012, after 27 years of systematic observation of
the rockfill, it was decided to perform a detailed analysis of
the causes for the unexpected rockfill scour, and an assessment of the risk of backward erosion piping in the alluvial
foundation.
A seepage study through the foundation of stilling
basins 1E and 3E was carried out by LNEC (Caldeira et al.,
2012). For that purpose, a 2D numerical model was developed using the PlaxisFlow 1.1 software. The main goals of
the model were to assess the conditions for initiation of
downstream backward erosion piping and hydraulic heave.
The model allowed a comparison of foundation behaviour
considering the design assumptions and the scouring condi-

Soils and Rocks, São Paulo, 41(3): 237-263, September-December, 2018.

Internal Erosion in Dams

Figure 32 - Rockfill downstream protection (Caldeira et al., 2013).

Figure 33 - Downstream rockfill scour (Caldeira et al., 2013).

tions observed in 2012. Geotechnical investigation data,
dating back to May 1972, was used to estimate the foundation hydraulic conductivity and the critical hydraulic gradient of the superficial alluvial formation. Data from piezometer readings provided information on pore water
pressures of the foundation to calibrate the main parameters
of the model. The finite element model reproduced the ge-

ometry of the stilling basin, concrete cut-off walls and
self-hardening slurry walls. The riverbed was modelled
considering a 32.5 m thick alluvium layer, over a 4.0 m
thick layer of slightly weathered rock on top of an 8.0 m
thick layer of moderately weathered rock. Figure 34 shows
that, in stilling basins 1E and 3E, the flow is concentrated in
the upstream and downstream zones between the basin and
cut-off walls and self-hardening slurry walls, increasing the
exit hydraulic gradients, and decreasing the safety conditions in terms of backward erosion piping and heaving.
More pronounced effects exist when the downstream scour
depression is considered, associated to a partial loss of confinement of the downstream cut-off wall.
The numerical modeling of the foundation provided
helpful information regarding its safety and the effect of the
erosion of bed material immediately downstream of the
stilling basin cut-off wall. It evidenced that any further development of the erosion would result in reduction of the
foundation safety margin comparing to the designed solution, namely if erosion went below elevation -8.0 m near
the downstream cut-off walls.

Figure 34 - Foundation 2D model of stilling basins 1E and 3E with the flow velocity vectors (Caldeira et al., 2012).
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Additionally, a physical hydraulic model was developed by LNEC, to study the causes of the scour and a corrective solution capable of resisting the hydrodynamic
actions imposed by spillway operation (Melo et al., 2014).
If the gate operation rules were followed or slightly violated, the model tests showed that no scour would be observed. Based on operational data, a new rating curve was
derived and applied in new tests. Then, the rockfill scour
developed in accordance with the monitored pattern of erosion, indicating that the unfavorable evolution of the river
natural rating curve was a major factor leading to the experienced scour.
Tests with rockfill involving larger blocks were then
carried out to assess the size capable of withstanding the
hydrodynamic actions of the flood discharges considering
the revised downstream rating curve of the river. A considerable increase of block dimensions was necessary. The average size increased from a range of 0.9 to 1.35 m, considered in the design, to a range of 1.0 to 2.2 m.
These studies made clear that the phenomenon of
backward erosion piping could be initiated and that remedial measures should be implemented for inhibiting its continuation and progression. Quoting Victor de Mello, in his
Rankine Lecture (de Mello, 1977): “Engineering involves
action based on decision despite uncertainty. Prediction is
one necessary vehicle for adequate decision; but, most often an engineer’s capacity at predicting is disparately poor
regarding what will happen, and quite competent, in comparison, at predicting what will not happen”.
In order to guarantee the non-occurrence of failure by
piping, the corrective measures found to address foundation safety of stilling basins 1E and 3E were the construction of an upstream solution completely watertight and new
filters beneath the rockfill protective layer (Caldeira et al.,
2012). These measures greatly decreased the hydraulic gradients in the active seepage zone of the dam, protected the

downstream flow exit points, avoiding the development or
progression of backward erosion piping, minimized the
thickness of alluvium material removal, limited the intervention area to the zone adjoining the stilling basins, and its
functioning is virtually independent of the downstream
scour conditions. The upstream watertight intervention
consisted of a secant pile wall, embedded, at least, 1 m in
the bedrock formation, sealed at the top by a jet grout slab
and laterally by grouting (Fig. 35).
Based on hydraulic test results, which required larger
rockfill blocks than those of the original design, new particle size curves and layer thicknesses were prescribed for
rockfill and underlying filter layers, taking into account
up-to-date filter criteria.
In order to ensure the global homogeneous behaviour
of the new rockfill protection, the removal of the damaged
rockfill was carried out, from the stilling basins end sill up
to the existing bar (formed approximately 40 m downstream, with crest approximately at elevation -2.0 m). Excavation near the downstream cut-off wall of the stilling
basins was foreseen until the original riverbed was attained,
and down to elevation -8.0 m, allowing to accommodate the
required thickness for the filter and rockfill layers (Fig. 36).
6.3. Caniçada cofferdam
Figure 37 presents the plan view and a cross section
of the cofferdam, excavation slopes and zone of the inlet
structure of the complementary spillway of Caniçada dam.
The proposed solution (MotaEngil, 2014; JetSJ, 2015) consists of a concrete gravity retaining wall, resting on a curtain with two rows of jet grout columns (with 1.0 m diameter) and on vertical and inclined steel profiles,
complemented with micro piles and grouting executed between the jet grout column rows. Therefore, the cofferdam
is made of the natural ground and the described ground reinforcement. The final geometry is achieved through the

Figure 35 - Upstream watertight intervention (Caldeira et al., 2013).
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Figure 36 - Schematic representation of the filters and rockfill replacement in the damaged zone (Caldeira et al., 2013).

Figure 37 - Plant and a cross section of the cofferdam, excavation slopes and zone of the inlet structure of the complementary spillway of
Caniçada dam (MotaEngil, 2014).

excavation of the ground and the application of nails and
drains at slope inner faces.
The ground is essentially a granite rock mass, very
decomposed superficially, but in depth formed by mixtures
of residual soils and granite blocks, and finally by sound
granite. In this type of ground, it was very difficult to materialize properly the jet grout columns, and it was necessary
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to complement the ground treatment with grouting, executed with tube à manchette.
The weathering process produced a wide range of soil
types within the weathered soil profile. This includes silty
sand residual soils, which are easily eroded, gap-graded
soils, which may be suffusive, zones of contrasting grading,
where contact erosion may initiate on the interface, and
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hard rock-like soil or granite blocks, which can provide a
roof below which backward erosion piping can occur, if the
hydraulic gradients are sufficient.
At the left abutment of the cofferdam, the curtain of
jet grout columns and grouting was too short and its extent
was not sufficient to prevent the described internal erosion
phenomena, and some signs of their occurrence began to be
observed during the ground excavation, such as sinkholes
(Fig. 38) and cloudy water exiting at some points.
To control seepage through the left abutment of the
cofferdam and adjacent excavation slopes, it was decided to
extend and deepen the water tightness curtain in order to
decrease the hydraulic gradient, installed in the decomposed granite rock mass, below the critical value, and to reduce the probability of occurrence of internal erosion.
Figure 39 shows the initial position of the jet grout columns
at the left abutment of the cofferdam and a secant pile wall
constructed for that purpose. After the pile wall execution,
the seepage flow from Caniçada reservoir had to skirt this
pile wall before reaching the definitive slopes contiguous to
the entrance structure of the spillway.
Nevertheless, due to the high susceptibility of the solution and of the decomposed granite rock mass to internal
erosion, other effects were observed during the construction of the spillway. Figure 40 shows an exit point of flow
with a pipe already formed, and water with fines entrainment (cloudy water). These effects, as well the seepage
flow inside of the cofferdam, worsened with the rise of the
Caniçada reservoir water level up to 151.7 m, in November
of 2016, as required for testing the hydraulic circuit of the
harnessing of Salamonde II. To stop the progression of the
internal erosion process, the downstream area of the
cofferdam was inundated (Fig. 41). The works were resumed with no major effects when the reservoir water level
decreased, and the water downstream of the cofferdam was
pumped. Nevertheless, during the final excavation, sand
boiling was detected at several points (Fig. 42), which pro-

Figure 39 - Jet grout columns at the left abutment of the cofferdam and secant pile wall built to decrease the internal erosion
effects (Caldeira et al., 2016a).

gressively disappeared with the drainage of the rock mass
at the slope.

7. Conclusions
In embankment dams and dam foundations, filters
and drainage systems constitute a first line of defence
against the phase of continuation of erosion. There is evi-

Figure 38 - a) Location of a sinkhole; b) aspect of the sinkhole (Caldeira & Santos, 2015).
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been reduced drastically (FEMA, 2011), due to the fact that
dams deteriorate with ageing due to undetected internal
erosion, and small embankments and dikes continue to be
built without adequate filter protection, and fail upon first
filling.

Figure 40 - Exit point of the flow with the formation of a pipe and
fines entrainment (Caldeira et al., 2016b).

The filters are means of controlling and directing the
seepage flow. They also prevent movement of soil particles
from or between various zones of the dam and its foundation. Even in dams designed with adequate hydraulic gradients, they are needed when dams present cracks, are poorly
constructed and are built with highly erodible materials, or
their foundation conditions allow large amounts of under
seepage. Therefore, filters constitute a defensive measure
to protect the dams from the less than desirable conditions.
Existing dams may not comply with the up-to-date
filter criteria or have deficient filters. In these cases, it is
necessary to assess the probability of failure by internal
erosion. Event tree analyses and laboratory tests were developed and are herein described to assist that purpose case
by case, thus supporting the judgement of the dam engineers.
In addition, new lines of research are needed to overcome some knowledge gaps regarding the behaviour of saturated and unsaturated soils under reduced effective
stresses, the stability conditions of cracks and pipes taking
into account the soil state and seepage conditions, and soil
erodibility characteristics, namely, flow limiting and crack
filling actions, along cracks based on laboratory tests.

Figure 41 - Inundation of the cofferdam interior up to elevation
138.0 m in November 2016 (Caldeira et al., 2017a).

Figure 42 - Soil boiling at the slope toe (Caldeira et al., 2017b).

dence from failure statistics (Foster et al., 1998) that since
the improvement of filter design and construction methods,
there was a reduction of the ratio of failures due to internal
erosion to the number of dams. However, such ratio has not
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As case studies, two dams with internal erosion evidences - in Lapão dam induced by concentrated leaks, and
the Crestuma-Lever dam affected by backward erosion piping - were presented in this lecture. The first is an embankment dam where during a flood several sinkholes were
detected. The causes of the anomalous behaviour are related to a deficient design that neglected the possible arching effects associated to the shape of the valley, and to the
compaction conditions, namely, at the interface with the
spillway structure. During construction, the compaction
control was ineffective and the foundation treatment was
limited to the right riverbank, despite the identification of
high permeability zones.
The second dam is a gated structure built in alluvial
foundation, where an abnormal rockfill scour was observed. Given that this solution is very prone to occurrence
of internal erosion, it was assessed its safety against backward erosion piping. Geotechnical analysis allowed the
definition of corrective measures for increasing the foundation safety and the downstream protective rockfill stability.
These measures involved the definition of an upstream water tightness solution and the redesign of geometry and
grading curves for rockfill and filters layers.
Finally, attention was focused on a cofferdam composed of a weathered soil profile, very susceptible to internal erosion phenomena. The evidences observed and the
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mitigation measures that allowed the conclusion of a spillway structure in safety conditions were described.
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(2 Dr. Victor de Mello Goa Lecture, presented on October 15 , 2018, in Farmagudi, Goa, India)
L.G.F.S. de Mello
Abstract. Three case histories of dam engineering related topics are presented as previous knowledge and experience
would not have led to predict their impact on dam design. The Lecture honours Prof. Victor de Mello by discussing the
Balbina HPP where Prof. de Mello led the saprolite foundation design when ancient termite canaliculae were found,
imposing the need to control seepage through the dam’s foundation. The remote location of the dam site associated to its
meteorological characteristics did not allow for conventional earthmoving or plastic diaphragm solutions to be used, and
special pressure grouting was studied and successfully applied. Details of the field studies to allow pressure grouting in
saprolite soils as well as to define the grout mixtures are presented. Two other very interesting case histories are presented,
one being the Teles Pires HPP. In this project thrust faulting generated unforeseen persistent sub-horizontal joints to depths
not associated to the common pattern of stress relief joints in granitic rock masses, with presence of preserved slickensides
and estriae. Stability considerations for the Intake Structure lead to the need of excavating shear keys consisting of tunnels
filled with concrete, drainage tunnels and installation of passive anchors. Finally, the Chaglla HPP head race tunnel case
history is presented. This tunnel 9 km long tunnel excavated through limestones previously investigated did not intersect
any karstic feature. During commissioning turbine tests, with the tunnel pressurized, a small magnitude shallow
earthquake occurred very close to the site, and muddy water was seen outcropping in a small creek valley in the side slope
of the mountain where the tunnel was excavated. Detailed investigation lead to postulate a mode of failure in which the
earthquake generated the disarticulation of a very fractured and saturated stratigraphic fault, leading to the retrogressive
erosion developing from a distant karstic feature till the vicinity of the tunnel’s shotcrete, drastically reducing its passive
support, leading to the failure inside out of the tunnel lining and support. The importance of sound geological models is
emphasized by these case histories, as always strongly argued by Prof. de Mello.
Keywords: case histories, embankment dams, forensic investigations, foundations, geological model, head race tunnel, karstic
behaviour, shear keys, termite canaliculae.

1. Introduction
Honouring Prof. Victor de Mello is a very hard task;
doing it in his hometown raises the responsibility many
steps higher.
I have decided to look into one of his loved fields of
expertise, sharing with a broad community a less known but
important contribution he has conceived, coordinated design and tests, and led throughout the implementation in the
field, following its success through monitoring results. This
contribution is not as well-known as his discussion and proposal of understanding compacted fine grained / clayey fills
as pre-consolidated materials, of using an inclined upstream stepped chimney filter in different earth fill dams,
and the optimization of the wrap-around interface between
concrete structures and the adjacent compacted earth fill in
dams, as illustrated in Figs. 1-4, and discussed in detail in
his Rankine Lecture - de Mello, V.F.B. (1977).

It was a pioneering solution at the time it was conceived, impacted positively the dam where it was implemented, and was used in other situations of my knowledge.
This technical paper presents other two case histories
focusing on particular geological situations faced during
dam construction or final stages of commissioning, both
also in the tropical environment of Brazil’s Amazon region.
One led to the need of completely changing the geological /
geomechanical model for the stability calculations of its intake structure, and the other led to the failure of a headrace
tunnel following a mechanism not previously reported in
the specialized literature. Geological particularities of the
three sites are described in detail for two of the sites, with
contribution from the geologists involved, endorsing many
other authors (for example Fookes et al., 2000) on the need
of having a sound geological model to work with.
The idea of discussing geotechnical challenges, either
in time to make the best decisions possible or after a failure
happens and repair is to be discussed, comes from the valid-
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Figure 1 - Traditional earthfill cross section in Brazil attributed to Terzaghi.

Figure 2 - Cross section optimized by Victor de Mello with upstream inclined impervious core and internal impervious blanket.

Figure 3 - Cross section optimized by Victor de Mello with upstream inclined impervious core and internal impervious blanket.

ity of sharing the experience gained when unforeseeable
situations arise, so that equivalent future cases are prevented. Case histories add an important source of information for practitioners and even researchers when reporting
situations properly documented. In all these cases a clear
understanding of both the geological and physical model,
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leading to identifying the prevailing and conditioning
behaviour(s), is fundamental. It is understood that case histories are an important tool to disseminate gained experience; in a previous lecture the author has shared some other
situations of failures, discussing his views on this important
source of knowledge (de Mello, L.G., 2005).
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Figure 4 - From V. de Mello’s Rankine Lecture - optimizations proposed and routinely used in South America for the wrap around interface of concrete structure and earthfill dam.

2. Balbina Hydroelectric Power Plant
The Balbina Hydroelectric Scheme is located 170 km
north of Manaus, in the Uatumã River, left side contributor
of the Amazon River. Its embankment dam is a homogeneous earth fill with average height of 30 m, having as
foundation silty-clayey residual and saprolitic soils generated by the weathering of volcanic rocks, called volcanites
to keep the same simplified terminology used during the
works. The main features associated to the plant are: installed capacity 250 MW, generating since 1989; concrete
volume 350,000 m3; volume of the compacted soil
3
5,000,000 m ; total length of dam 3,300 m, 330 m of which
correspond to the concrete structure; maximum height of
the structures 34 m and 33 m for the earth fill dam.
2.1. Local geology
The volcanic rocks present at the site show all features of a theoretical weathering profile. The main characteristic of the materials is the relatively low thickness of the
weathered rock (usually fractured), being about 2 m thick.
The saprolite and residual soils capping the rock present
typical thickness greater than 10 m; the saprolite and saprolitic soil predominate in 80% of the strata, the mature residual soil being often eroded, remaining only the saprolitic
soil. Another important aspect is the extremely irregular topography of the interface with the volcanic rock top, as well
as the absence of boulders or core stones in the soil mass,
which is very favorable to investigation and/or soil grouting.
Among the geotechnical-geological features conditioning the design of the embankment dam, the existence of
regions points with permeability higher than 10-3 cm/s
needs to be emphasized. These high values of permeability
were measured in constant level in situ permeability tests
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carried out in the clayey and silty saprolitic soil, as well as
in in situ tests performed in trenches.
This layer of low density (dry density between 5 and
3
10 kN/m ) saprolitic soil showed areas with high occurrence of tubular cavities denominated “canaliculi”, with
typical diameters of a few millimetres to 2 cm, and, in exceptional cases, of 2 to 10 cm.
Figure 5 presents the distribution of the measured
permeability values in the saprolitic soil; it can be seen that
38% of the values are higher than 10-4 cm/s, and 10% are
-3
higher than 10 cm/s, values which are not compatible with
the existing experience in saprolitic soils. No sample from
the SPT tests recovered every meter exhibited any feature
that could justify the high permeability values encountered,
such as sand or gravel.
On this basis, the high permeability values were put
under suspicion; in early stages of design, the saprolitic
soil was treated as a low permeability soil, consistently
with its grain size curve and plasticity characteristics. Basic design conceived foundation treatment with a shallow
cut off down to the bottom of the alluvial layer, associated

Figure 5 - Distribution of measured permeability values.
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with an upstream impervious blanket and relief wells
downstream.
Different phases and sophisticated subsoil investigation associated the high permeabilities to the presence of tubular cavities, canaliculi, in the saprolitic soil profile, with
diameters varying from millimetric to centimetric (2 to
3 cm), intercommunicating and with an erratic geometric
pattern. They were detected in most trenches, with a frequency, which would vary grossly between one or two per
square meter for the largest diameters, and one per square
decimeter (100 per m2) for the canaliculi of 2 mm diameter.
This frequency varied along the foundation, and some
trenches did not detect any canaliculi at all.
The previously described sequence of in situ investigations and observations led to the following conclusions:
• the saprolitic soil underlying the alluvium and overlying
the highly fractured weathered rock consists mainly of a
silty matrix. This matrix has a typical permeability of
-5
10 cm/s, in tune with Brazilian experience.
• criss-crossing the soil matrix, tubular cavities/canaliculi
ranging in diameter from 2 to 30 mm are present, conditioning the flow of water and giving the soil mass an
equivalent permeability which can locally reach values
-2
-1
as high as 10 to 10 cm/s.
Since it was found impossible to follow the canaliculi
into the soil mass, no determination of their length, continuity, interconnections and preferential direction could be
made. Visually they seemed to be distributed in all directions with their diameter varying along their course by a
factor of approximately two. The interconnection between
the canaliculi was demonstrated by the excavation and
dewatering of adjacent trenches; the addition of a tracer in a
trench lead to its surge in the other in only 20 s. These investigations led to the conclusion that the canaliculi needed
to be considered continuous at least over a distance of the
order of 5 m.
Another very important question was associated with
the stability of the canaliculi’s walls when submitted to a
continuous flow of water.
These canaliculi were interpreted as being generated
by intense termite activity linked with the last glacial period
and the associated lowering of the water table linked to the
ocean regression (de Mello, L.G. et al., 1987). The action of
termites was proposed by the Portuguese biologist A. B.
Machado (1983), confirming the activity of these insects in
all the samples, through traces, essentially composed of
faecal and oral pellets, found inside the canaliculi. According to Machado, the canaliculi developed probably in the
last glacial quaternary era (12,000 to 18,000 years ago),
when the region had relatively dry climatic conditions, decisive for the existence of vegetation formations designated
as “credo” and “caatinga”, propitious for the proliferation
of termites. These insects became rare after the formation
of the Amazon forest and were not found inside the canaliculi studied. Machado also suggested that the canaliculi of
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higher diameters should correspond to ramifications of
roots, which the termites had eaten, and that those with diameter smaller than 0.8 millimetres would have their origin
associated with the disintegration of thin roots, still partially preserved in the regional soils. Figures 6-8 illustrate
said canaliculi in inspection trenches just excavated.
2.2. Foundation treatment
Many different alternatives were evaluated prior to
the definition of the foundation treatment to be used in the
dam (Sathler & Camargo, 1985; Remy et al., 1985), including conventional cut-offs, use of diaphragm walls to implement a cut-off, use of impervious blankets, etc. Grouting of
the saprolitic soils at high pressure, generating hydraulic
fracturing using the tube a manchette technique and thus intercepting the net of canaliculi was proved to be the best
cost-effective alternative, when proper consideration of logistic and climatic peculiarities of the Amazon Region
were included in the analysis.
The essence of the concept behind treating the foundation by grouting, aimed at creating a zone under the embankment’s core in which all localized permeability singu-

Figure 6 - Canaliculi at Balbina hydroelectric power plant dam
foundations.

Figure 7 - Canaliculi at Balbina hydroelectric power plant dam
foundations.
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larities were eliminated, allowing all foundation studies to
treat it as homogeneous, in terms of statistics of averages, in
tune with the de Mello, V.F.B. (1977) Rankine Lecture.

The same grout holes were used to extend and grout
through the weathered and fractured rock beneath the saprolitic soils. The self-testing characteristics of the treatment methodology by grouting were also valued, leading to
the concentration of treatment where specifically required.
Figure 9 illustrates a typical cross section for the proposed
hydraulic fracturing grouting foundation treatment. The
goal of grouting was defined as creating, by grout pressure
fracturing, a net of grout planes which would intercept
each other and the canaliculi, filling them with grout over
part of their length, in order to create a zone 5 m to 6 m
wide with reduced and homogenised permeability. A
maximum value of permeability of 10-4 cm/s was expected
after treatment.
Using the tube a manchette technique, grouting in
phases and localized was performed, applying pressures
high enough to generate hydraulic fracturing of the soil, to
allow penetration, interception and filling of the canaliculi
and voids by the lenses of grout. The tube a manchette
grouting apparatus used in Balbina is shown schematically
in Fig. 10.
The advantages of this concept of treatment are:
a) grouting can be intensified in regions where intake was
higher;
b) treatment can be done all year round, despite the climatic
changes that are drastically conditioning in the Amazon Region;
c) use of conventional equipment;
d) the same boreholes can be used to treat the weathered
and sound rock underneath the saprolitic soil.
An in situ inspection trench of a grouted borehole is
shown in Fig. 11.
2.3. Grouting experimental stretch

Figure 8 - Canaliculi at Balbina hydroelectric power plant dam
foundations.

The pioneering characteristics of the proposed foundation treatment in saprolitic soils led to scheduling and

Figure 9 - Balbina Dam foundation treatment typical cross section.
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Figure 11 - Inspection trench - Tube a manchette in grouted borehole, with grout planes generated by hydraulic fracturing.

• carefully performed water loss tests in drained and in undrained conditions. Figure 12 presents two of the referred
tests, from which the pressure causing hydraulic fracturing
and the minor principal total stress s3, were interpreted.
Following Bjerrum and Andersen (1972) discussions, the
coefficient of earth pressure at rest Ko was estimated, provided that s3 is assumed to be horizontal. This value was estimated to vary between 0.21 £ Ko £ 0.36.

Figure 10 - Tube with manchette valve and grouting packers.

performing an experimental grouting stretch about 180 m
long to allow selection of the criteria and methodology for
the abovementioned treatment. This grouting test was carried out in the dam foundation area so as to be a part of the
whole treatment of the dam’s foundations.
The main aspects considered in the experimental
stretch are summarized in Table 1, as well as the variables,
which were analyzed on each of the four sub-segments
grouted, as presented by Santos et al. (1985).
2.4. Treatment methodology
At the beginning of the treatment, special tests and a
experimental stretch of work were performed to supply the
engineers involved with data, which, in turn, helped optimize the treatment specifications. The special tests included:

Figure 12 - Groutability test example – Hydraulic fracturing of
the saprolitic soil.

Table 1 - Balbina Dam foundation grouting experimental stretch main aspects and analyzed variables.
Characteristics

Length (m)
Borehole disposition (m)
Phases of grouting (un.)

Parts of the experimental grouting line
I

II

III

IV

40

24

50

68

2x4

2x2

2x4

2x2

3

2

1

1

Volume grout per phase (L)

333

125

1000

300

Total grout vol. per valve (L)

1000

250

1000

300

Soil/rock

Rock/soil

Soil/rock

Soil/rock

Order of execution
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• after grouting with different colored cement pigments
added to each grouting phase, inspection trenches
showed valid the assumption of the orientation of s3.
Once the value of Ko is known with some degree of
confidence, many theories exist which enable the pressure
of hydraulic fracturing of a massif to be estimated (Bjerrum
et al., 1972; Kennard, 1970; Haimsom and Fairhurst, 1967;
Morgenstern and Vaughan, 1963).
The data collected allowed the following relation to
be established between the formulation proposed by Bjerrum and the observed values:
Dmobs = 78.3 + 1.02 DmBjerrum (kPa)

(1)

The grouting methodology used in the treatment resulted from the experience of the professional team involved and was optimized many times as a function of the
results and data collected. The methodology used during
the major part of the work can be summarized as:
a) Double packers developed at the site were used for testing and for grouting, which sealed through O-rings
against a PVC tube left in each grouting borehole,
weakly grouted in its external side to develop close
contact with the saprolitic soil (as shown in Fig. 11).
b) initially, water loss tests were done in the saprolitic soils
with pressure stages of 20; 40; 60... kPa until hydraulic
fracturing occurred. Through this testing the determination of the coefficient of permeability prior to treatment and relevant indications of the pressures with
which treatment was to be performed were gathered.
Figure 13 presents some of the results obtained. Special techniques to ensure perfect contact of the expansible packers with the walls of the boreholes were developed in order to avoid preferential vertical seepage

Figure 13 - Relationship between the increase of pressure to generate hydraulic fracturing and effective stresses in water loss tests.
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due to deformation of the saprolitic soil when submitted to the packer pressure, which would invalidate all
the testing. Spacing between valves was defined as
0.5 m.
c) three lines of grouting holes were planned – central/upstream/downstream - with grouting starting from the
external lines in order to confine and improve treatment through the central holes.
d) the soil-cement grouts postulated to treat the soil were
different from those used to fix and seal the PVC
grouting tube. Both used as much as possible the local
clayey saprolitic soils in order to reduce costs of treatment, due to the difficulties in hauling bentonite to the
site. The physical characteristics of the grout necessary to fix and seal the PVC tube needed to be carefully evaluated so that they would not condition the
pressure values required for its rupture when grouting
the foundation soil. Several grouts were prepared in
PVC pipe molds, with variable thickness and grout resistance. Tests simulated rupture processes of the annular seal grout, as a function of its thickness, grout
strength and confining pressure. The results of these
tests showed that the increments of the seal grout rupture pressure, as a function of the three variables
tested, were higher with the confinement pressure and
with the seal thickness, for rupture pressure values
within the same order of magnitude, as shown in
Fig. 14. Based on these results, a grout mixture for the
annular seal was defined as cement: 285 kg / soil: 290
kg / water: 805 L. The specification of the soil-cement
foundation grout asked for:
• uniaxial compressive strength at 28 days of
1.5 kg/cm2;
• viscosity £ 50 cP;
• sedimentation factor £ 5%;
• fluidity in Marsh cone of 40 s to 45 s;
• yield limits £ 0.1 g/cm2, which was achieved with
the following mixture: cement: 73 kg / soil: 310 kg
/ water: 860 kg.
It is worth noting that the initial amount of cement considered was 375 kg in the proportion above and was reduced substantially during the tests.
e) grouting of the saprolitic soils was undertaken bottomup, from the lowest manchette valve towards the top
under a 3 m high compacted earth fill, at pressures
compatible with the hydraulic fracturing pressures as a
function of depth previously determined. Tests were
also performed to investigate if the ideal grouting sequence was to initially grout the saprolitic soils, and
then to grout the underlying weathered rock horizon,
or to invert this sequence. Water loss tests were made
in the contact zone between saprolitic soil and weathered rock horizons, showing that foundation treatment
was more efficient when the weathered rock was
grouted first. The possible explanation for the lower
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Figure 14 - Results of tests with grout seal models.

effectiveness of grouting close to the horizons interface in a top-down sequence was interpreted as probably associated to soil-cement grout migration to the
untreated weathered rock fractures. As grouting of the
higher depths of saprolitic soils was implemented with
constant grout volumes, such migration would reduce
grout quantity at the bottom of the saprolitic soil, consequently reducing the effectiveness of treatment in
this interface.
f) grout flow was usually 60 L/min, and this value was sporadically reduced to control and reduce occasional
grout surge at the surface.
g) grouting, in stages, until the postulated volume per
manchette is completed, was conceived to create hydraulic fracturing planes in several directions, associated to each grouting stage. Initially, a 1,000 L grout
volume per manchette was postulated in analogy with
permeation grouting in sands, estimated as a function
of the soil porosity. Tests showed this volume to be excessive, due to the long reach of the hydraulic fracturing planes as inspected in trenches, often at points over
10 m away from the grout hole. Treatment was defined
to stop when 300 L of grout were absorbed by the soil
or after 10 min of no intake of grout. Inspection trenches were opened and visual inspection showed that
grouting planes of different stages generally formed
parallel planes, often overlapping. These observations
led to defining grouting in a single stage per manchette.
h) water loss tests were performed in specially located additional boreholes to document the benefit of the treatment, limiting the maximum pressure of the test to
1.0 kg/cm2 not to hydraulically fracture the soil.
Grout pressures suffer loss of applied head pressure
during grouting, at the manchette borehole seal and at the
hydraulic fracturing planes. This head loss depends on the
physical characteristics of the rupture planes in the bore-
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hole seal as well as in the hydraulic fracture planes, not
allowing an effective control of the grouting process.
During the works, the control of the grout flow, by recording the manometric pressure resulting from the process, was pursued. It was postulated that the resulting
manometric pressure, as read at gauges immediately at the
surface, did not exceed in more than 50% the pressure recorded immediately after hole seal rupture.
Such control parameter derived from the relation between initial and final manometric pressure recorded during the execution of the experimental stretch. It was also
observed that the occurrence of cracks at the surface followed by surge of grout, generally happened when this relation was greater than 1.5.
2.5. Evaluation of the subsoil treatment
The evaluation of the improvement of the saprolitic
soil of the foundation of Balbina Dam with respect to its
permeability was done through water loss tests carefully
performed after the treatment, having as target the value of
-4
permeability of 10 cm/s.
In Fig. 15 some test results are presented in relation to
the information collected before grouting. The benefit of
the treatment is obvious. In the mentioned figure, the interpretation of the water loss tests following Babouchkine’s
(1965) formulation is presented. The control tests indicated
that after grouting there was considerable reduction in permeability coefficients, especially with the elimination of
-3
coefficients above 5.10 cm/s.
An analysis of the data demonstrated the success of
the treatment applied considering the elimination of high
permeability zones and the consequent foundation homogenization with respect to its permeability.
Figures 16 to 19 were taken at the inspection trenches,
depicting the successful treatment of the canaliculi.
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Figure 15 - Comparison of water loss tests prior and posterior to treatment.

Figure 16 - Inspection trench – clacage planes intersecting and
treating canaliculi.

Figure 17 - Inspection trench – clacage planes intersecting and
treating canaliculi.

Figure 18 - Inspection trench – clacage planes intersecting and
treating canaliculi.

Figure 19 - Inspection trench – treated canaliculi.
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2.6. Filling of the reservoir
Two different embankment cross sections were used
during construction in order to separate the activities of
foundation treatment from the earthmoving and compacting of embankment raising, which had to be done in a very
defined time of the year due to the heavy rains that affect
the Amazon Region. For this reason, in a region the grout
buffer was positioned in the upstream of the dam and linked
to the impervious core of the dam by a compacted berm,

while in other region the grout buffer was positioned just
underneath the core of the dam, where the applied stresses
are higher.
Monitored filling of the reservoir started in mid-1987;
the first rainy season was not able to fill the reservoir, and
data during partial filling is available. It documents the benefit of the treatment.
Figures 20 to 23 present cross sections of the dam in
the described situations with plots of the water level in the

Figure 20 - Typical instrumentation in the right abutment.

Figure 21 - Hydraulic head and pore pressure monitoring data for the right abutment.
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reservoir and measured pore pressures in hydraulic piezometers.
The data collected as well as situ inspections demonstrated the validity of the use of the discussed treatment to
homogenize and diminish the permeability of a saprolitic
soil with a net of open canaliculi. Prof. Victor F.B. de Mello
and Eng. Joaquim Franco were of crucial importance in
conceiving and implementing this solution for Balbina
HPP.

3. Teles Pires Hydroeletric Power Plant
The Teles Pires HPP is located in the Teles Pires
River, contributor of the Tapajos River in the Amazon Basin at the border of Mato Grosso and Pará States. The main
features associated to this power plant are: installed capacity 1,820 MW, generating since 2015; its structure includes
a section in roller compacted concrete (RCC) and an embankment dam of rock fill with impervious earth fill core
with maximum height of 80 m, and total crest length of

Figure 22 - Typical instrumentation on the left abutment.

Figure 23 - Hydraulic head and pore pressure monitoring data for the left abutment.
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1,650 m, 330 m of which correspond to the concrete struc3
ture; volume of the compacted soil 5,000,000 m , maximum height of the structures 34 m and 33 m for the earth fill
dam.
3.1. Local geology
The site is located in the north portion of the Teles
Pires granitic batholite, not far away from its contact with
the Colider volcanites. The most recent rocks found in this
igneous body are basic dikes sheared by posterior events.
Two large sinistral wrench faults striking N40W generated an important tectonic binary responsible for a system
of subvertical joints that affected the Teles Pires granite
(Fig. 24). Other important vertical EW faults present a
component of sinistral slip and cut the region together with
extensive NE linears of an assumed gravitational distensive
character.
As the mentioned faults are superimposed to the Teles Pires intrusion, the initial geologic model of the project
was based on the presence on brittle tectonic features.
These features are represented by subvertical and inclined
shear fractures with slickensides, which could be identified
in drill cores and excavation cuts. Such features are common in the transcurrent regime (Fig. 25).
In Riedel’s model for conjugate fault systems
(Fig. 26) the NW and sub EW subvertical and inclined
striking fractures are of a typically dominant left lateral
strike slip dynamics, while the NE fractures should be essentially of distensive character. In conclusion, the tectonic
environment should be essentially transcurrent compressive represented by subvertical and inclined discontinuities.

Figure 25 - Illustration of the dominant transcurrent and reverse
type of faulting (adapted from Fossen, 2010).

Additionally, the whole region was subjected to an intense hydrothermal activity along the different faults and
shear zones. Therefore, the presence of caolinized zones,
fillings of white and green clay minerals and even, locally,
sulphides, are expected to mingle together with evidences
of brittle tectonism such as gouges and slickensides.
During the initial design studies for this power plant,
the geologic model assumed also incorporated the presence
of relatively shallow sub-horizontal stress relief joints that
would gradually vanish with depth. This common pattern
of relief joints attenuating with depth is established in geological literature and also clearly exposed along several
Brazilian dam foundations (Santa Clara, Santo Antônio and

Figure 24 - Detail of the official geological map of the Alta Floresta mineral province. The Teles Pires granite (PPgtp) intruded the
Colider Group (in green). Both are cut by large strike slip component subvertical faults (thick black lines). Relative binary dynamics is
expressed through the red arrows as also the slip component of the NS fault along the Teles Pires River.
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Figure 26 - Stress relief sub-horizontal discontinuities and sub-horizontal shear zones dilated due to the vertical stress relief in granites.

Jirau dams, for example) as also internationally in some important engineering geological texts, such as the classic paper of Terzaghi and several other authors (Dale, 1923;
Carlsson and Olsson, 1977; Holzhausen, 1989; Fookes et
al., 2000; Hencher et al., 2011).
3.2. Update of the geologic model and of design
For detailed design, local difficulties prevented that
detailed investigations were performed before beginning of
the excavations in some regions, principally at the dam
right abutment, where the intake and the powerhouse structures are located. As soon as access was permitted, 38 additional rotatory borings were initially done, 4 with optical
imaging, which allowed the visualization of the spatial position of the weathered zones. This allowed the separation
of the horizontal from the inclined or vertical discontinuities, which is difficult and very debatable when the correct
control of the discontinuities strike is not known due to the
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mechanical fragmentation of the rock cores during drilling
and core recovery. A high frequency of weathered subhorizontal discontinuities was observed but the difficulty of
correlating its continuity inhibited its extrapolation in the
design cross sections used for design decisions and calculations, as shown Fig. 27.
The gradual increase in data acquisition clearly
showed that the necessary revision of the geological model
previously conceived had a major impact in the project
structures stability. The incidence of weathered sub-horizontal discontinuities (Fig. 28) combined with the joints
pattern had direct practical implications in the excavations
design, leading to the need to lower the foundation of the
water intake structure.
A comprehensive investigation program based on a
dense array of rotopercussive borings, described by qualified geologists, was performed to better and quickly map
the substrata underneath this structure, leading to the prop-
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Figure 27 - Teles Pires intake structure foundation geological cross section after initial additional investigations for detailed design.

osition of a much more complex discontinuities pattern
than initially predicted (Figs. 29 and 30). It clearly indicated the presence of thick discontinuities with soil filling
concentrated between elevations 155 m and 170 m.
Later, during excavations, geological mapping
confirmed that numerous of the sub-horizontal discon-
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tinuities presented decametric extension with weathered soils filling frequently laminated and presheared, with presence of estriae and slickensides.
This characterized a sub-horizontal shear zone with indication of displacements accompanied by its subparallel secondary joints.
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Figure 28 - Teles Pires intake structure foundation geological cross section after further investigations, showing denser pattern of weathered subhorizontal joints.

This shear zone, identified as master joint, has its
trace clearly visible on all walls of the excavation, dipping
downstream with local components towards the river as
shown in Figs. 31 and 32.
Features of the tectonic of displacements between the
rock strata were gradually determined allowing to characterize a particular situation, distinct from the usual stress relief joints common in granites. A package of various subhorizontal shear zones with different indications of thrust in
the NS direction was identified, in a non-previously described pattern for the region.
Figure 33 (a) to (e) and Fig. 34 (a) to (e) illustrate the
typical characteristics and the variability of these characteristics in the master joint and its secondary structures.
The indications of thrust tectonism along extensive
sub-horizontal discontinuities confirm the presence of preshearing, including in the rock / rock surfaces as observed
in different locations of the excavated face, as well as, later,
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in the stabilizing structures excavated in the area (Fig. 34
(a) to (e)).
Based on this revised geological model the stability
of the intake structure with relation to its sliding became intrinsically conditioned by the master joint, requiring special
attention. Figure 35 presents the discontinuity pattern mapped at the water intake structure foundation as seen on the
penstock excavation face, and Fig. 36 displays a cross section for the water intake structure, presenting the identified
discontinuity pattern as used in the geomechanical model
proposed.
3.3. Laboratory tests
In order to characterize the geomechanical properties
of the more intensively weathered material present in the
master joint, a series of laboratory tests were performed in
samples prepared from undisturbed blocks. Full characterization of the material and shear strength determination
were pursued, through direct shear and triaxial tests. In or-
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Figure 29 - Updated discontinuity pattern at the water intake structure foundation – Cross section after rotopercussive dense array investigations.

Figure 30 - Updated discontinuity pattern at the water intake structure foundation – Longitudinal section.
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Figure 31 - Master joint 3 D surface model.

Figure 32 - Master joint trace emphasized in yellow, as visible at the excavation walls.

der to try to bypass the problem of sample heterogeneity,
step incremental stress tests on the same samples were performed, with partial success.
The interpretation of the test results was done trying
to postulate the shear strength available at strains of 0.5% in
the triaxial tests and displacements of 0.5 mm in the shear
box, of 1.0%/1.0 mm, and 2.0%/2.0 mm, as well as at peak
values.
Figures 37 to 40 plot the laboratory shear strength test
results and proposed envelope. The results are presented
plotting the normal and shear stresses acting at the oriented
plane; a Mohr-Coulomb failure envelope with null cohe-
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sion tangent to the Mohr’s Circle is proposed for each
hypothesis of strain at failure.
Fixing a null cohesion intercept, the range of values
of friction angle, f’, obtained vary between: 10° and 27° for
strains / displacements of 0.5% / 0.5 mm; 16° and 40° for
strains / displacements of 1.0% / 1.0 mm; 18° and 40° for
strains / displacements of 2.0% / 2.0 mm; and 20° and 42°
for peak stress-strain values.
Additionally to the shear strength parameters of the
more intensively weathered material present in the master
joint, parameters for the secondary features associated to
the master joint were also necessary. Considering that these
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Figure 33 - Typical shear features in the master joint: (a) General view of excavation wall; (b) Isolated shear lens; (c) Clayey zone in a
lens; (d) Lenticular lamination; (e) rock-rock displacement estriae.

secondary features present less weathered to rocky characteristics in some regions, associated to difficulties of obtaining undisturbed samples of these materials to fit in a
shear box, estimates of the shear strength available in these
locations was pursued from Barton’s classification parameters Jr (joint roughness number) and Ja (joint alteration
number). For regions where these structures present themselves associating soil-like material with saprolites/slightly
weathered rock with lateral continuity, this procedure led to
postulating values of angle of friction, f’, varying between
7° and 11°; and finally, in locations where less weathered
rock dominates, a friction angle, f’, of 20° was postulated.
Difficulty remained in interpreting and postulating an
average shear strength value representative of the master
joint as a whole.
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3.4. Design of the stabilizing structure
Safety of the water intake structure was verified
against sliding, overturning, flotation and maximum stresses at its base, for different loading hypotheses, as routinely
done in design procedures. Specifically, the sliding verifications were performed following the basic equation:

åN
FSD =

i

tan( fi )

CSDf

+

å Ti

åC

i

Ai

CSDc

³ 1.0

(2)

where FSD = Factor of safety against sliding; CSDf = Reduction factor on the friction angle f’; CSDc = Reduction
factor on the cohesion c’; Ni = Resultant of normal forces to
the sliding surface being analysed; fi = Characteristic fric-
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Figure 34 - Typical shear features in the master joint: (a) (b) Slickensides; (c) Bifurcation at master joint; (d) and (e) Estriae in
non-weathered rock / rock interface.

Figure 35 - Master joint and discontinuity pattern at water intake structure foundations.
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Figure 36 - Water intake structure cross section with discontinuity pattern in tune with proposed updated geological model.

Figure 37 - Triaxial tests and direct shear tests results for 0.5% strain / 0.5 mm displacement.
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Figure 38 - Triaxial tests and direct shear tests results for 1.0% strain / 1.0 mm displacement.

Figure 39 - Triaxial tests and direct shear tests results for 2.0% strain / 2.0 mm displacement.

tion angle of the sliding surface being analysed; Ci= Characteristic cohesion along the surface being analysed;
Ai = Structure contact effective area in the plane being analysed; Ti = Resultant of the forces parallel to the sliding surface.
The Brazilian codes require values of partial factors
of safety CSDf and CSDc of 1.3 and 1.5, respectively for
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the angle of friction and the cohesion, for normal loading
conditions.
Initially, reverse calculations were performed to
check what values of shear strength parameters were necessary to comply with the safety requirements. With zero cohesion intercept, as associated to surfaces with pre-existing
slickensides, a value of 34.9° was shown to be required to

287

de Mello

Figure 40 - Triaxial tests and direct shear tests results for peak values.

comply with stability safety factors. As this value of shear
strength could not be anticipated to prevail in the master
joint or any other discontinuity with slickensides, a drainage gallery was conceived and designed at elevation 140 m
linked to the water intake structure gallery by a series of
vertical drains. The reduction of water pressure in the base
of the intake structure led to a reduction of the required
shear strength of the conditioning discontinuities, which
under this hypothesis resulted in 29.5°.
Again, this value of shear strength could not be anticipated to prevail in the master joint or any other persistent
discontinuity with slickensides, leading to the decision to
design underground galleries filled with concrete to contribute as shear keys, increasing the safety factors to sliding
to the required value. Having in consideration the distinct
stress-strain behaviour of the concrete in the shear keys
with relation to the soil filling of the discontinuities, it was
decided that the shear keys should sustain all the horizontal
stresses applied at the elevations where discontinuities prevailed, with no load being transmitted through the rock
massif. Two longitudinal shear keys linked by five transversal shear keys were designed. The geometry of these
galleries was not rigidly fixed in design, the specifications
being that the galleries should follow the master joint
(Fig. 41), excavating an additional 2.5 m of the rock massif
above its crown and 1 m below its invert.
An international Board of Consultants was invited to
contribute in the difficult decision of postulating a representative value of average operating shear strength in the
master joint; the results of the shear strength tests per-
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Figure 41 - Modeled shear key geometry.

formed were used to help in the postulation of the average
representative values to be used in stability analysis. The
estimative of an angle of friction for the master joint postulated by the BoC was between 25° and 28°, with worst-case
scenarios to be verified with 22°.
Stabilizing shear keys were designed to guarantee
safety of the structure from sliding as conditioned by the
master joint (Figs. 42 to 45), associated to a drainage gallery
previously conceived, also at the foundation of the intake
structure, at elevation 140 m, and relieving the water pressure as drained by a battery of vertical drains (Figs. 42 to 47).
Secondary parallel joints above the master joint were
also identified and mapped during excavation (Fig. 48);
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Figure 42 - Shear keys and drainage galleries – Plan view.

Figure 43 - Shear keys and drainage galleries – Longitudinal profile – Access to shear keys.

their influence on the stability of the intake structure had to
be discussed and evaluated together with that of the master
joint itself, taking in consideration their spatial random
variation.
Further sliding stability verifications were performed, leading to the decision to install an upstream impervious blanket with two HDPE layers (Fig. 49) to reduce the
water pressures in the intake structure foundation, as well
as 55 passive subvertical anchors of 57 mm diameter, working in shear. These additional stabilizing details increased
the factor of safety by 12% to 18%, depending on the loading case and depth of the discontinuity, also guaranteeing
the stability of all secondary sub-horizontal planes/features
existing between the foundation of the water intake structure and the master joint.
3.5. Monitored behaviour of the dam during initial filling and subsequent period
Reservoir filling began in December 2014 and was
very fast, with 85% filling happening in only 8 days; after
all environmental issues were properly dealt with, the last
1. 8 m of the reservoir was filled after 1 month. Readings of
the extensive monitoring program after 8 months of maximum reservoir level are summarized below.
Among many instruments installed in the water intake structure, the behaviour of this structure can be represented by the behaviour of extensometers and piezometers
installed in the structure foundation underneath one of its
concrete blocks.
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Figure 44 - Front view of the downstream shear key. Note the gallery overbreak above the steel ribs (a), and the detail of the downstream dipping of the weathered master joint (b).
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Figure 45 - Detail of the weathering pattern in the master joint.

Figure 46 - Cross section of the intake structure foundation shear
keys, drainage galleries and drainage curtain.

The extensometer measurement results presented in
Fig. 50 are representative of the behaviour shown by all
such instruments.
Readings show that deformations of approximately
10 mm happened when the galleries were being excavated
in the region of influence of the instrument, especially as
tunnel excavation suffered important overbreak in following the master joint within the design criteria, leading this
excavation to being only 4 m to 5 m from the foundation of
the intake structure. Additionally, the load imposed by the
concrete around the penstocks before filling the shear keys
with concrete is considered to have influenced the behaviour monitored. Soon after concrete filling of each gallery/shear key, deformations stopped completely, and were
not affected or mobilized by the reservoir filling at all.
Standpipe and electric piezometers were installed
from the intake structure drainage and monitoring gallery,
inclined 10° upstream and 15° downstream in order to
check the real hydrostatic thrust acting on the structure
foundation and compare it to the design hypothesis. The
comparison of the hydraulic head measured with that used
in design verifications is an important parameter to judge
the efficiency of drainage on the thrust diagram acting on
the structure foundation. Two distinct water thrust diagrams were used in these verifications: one suggested by
the international BoC (Fig. 51 (a)), and another that does
not include the contributing efficiency of the HDPE impervious upstream blanket (Fig. 51 (b)).
The measured piezometric values (Fig. 52) led to conclude that the diagram of water thrust suggested by the BoC
for the structure foundation was surpassed in some of the
intake blocks, while all readings were lower than the piezometric levels associated to the hypothesis of a non-efficient
HDPE upstream impervious blanket in the foundation.
Having in consideration that no incremental deformations were measured by the extensometers when the water
thrust diagram started to be imposed by reservoir filling, the
fact that some readings were higher than those postulated
by the BoC did not raise any further concerns.
The piezometers also allow the verification of the efficiency of the grouting curtain. The measured values allow
to interpret that this efficiency is on average associated to a
reduction of 60% of the measured upstream water pressure.
All readings stabilized soon after reservoir filling and
are considered to be in compliance with design predictions
and criteria.

4. Chaglla Hydroeletric Power Plant

Figure 47 - Detail of the cross section of the water intake structure
foundation showing the shear keys, drainage galleries and drainage curtain.
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The Chaglla Hydroelectric Power Plant is located on
the Huallaga River in the Chaglla and Chinchao districts,
department of Huánuco, Peru. The dam axis is located
downstream from the confluence of the Panao River and
the Huallaga River and the total catchment area is around
7,150 km2. It comprises a 202 m high concrete face rockfill
dam (CFRD) with a crest length of 274 m, three tunnel
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Figure 48 - Water intake structure foundation cross section with master joint and secondary parallel joints.

Figure 49 - Upstream impervious blanket – Detail showing fill and HDPE layers.
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Figure 50 - Typical data for extensometer installed in the water intake structure foundation underneath one of its concrete blocks.

Figure 51 - Water thrust diagrams: (a) Diagram 1 - Proposed by the BoC; (b) Diagram 2 – Without HDPE.

3

spillways for a design flow of 3620 m /s, a headrace tunnel
14.4 km long, excavated by drill and blast in an 8 m span
horse-shoe shaped cross section, feeding two vertical axis
Francis turbines, each of 225 MW capacity. The discussion
below refers to the headrace tunnel.
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4.1. Local geology
The rocks in the region of the project are of sedimentary origin, ranging in age from Permian to Mesozoic periods, 350 to 65 Mya ago. The project area is located within
the calcareous rocks of the Pucará Group.

Soils and Rocks, São Paulo, 41(3): 267-307, September-December, 2018.

Some Case Histories with Lessons to Learn in Dam Engineering

Figure 52 - Piezometer and reservoir level data.

This geological group is of marine origin and forms a
fringe in an NNW-SSE direction, usually subdivided into
three formations, which, in a simplified description can be
described:
• its base consists of dolomitic, bituminous and limestones
with medium to thick stratification;
• in the middle lutite and limestone intercalations occur;
the lutites are stratified, forming medium-sized layers,
and dark gray to black in color; the limestones are dark
gray to black, well stratified in thin to medium-sized layers, somewhat bituminous and occasionally clayey silty,
with chert nodules;
• the top of the sequence consists of light-gray limestones
in thin to very thick layers.
The carbonate rocks present some karstic action, as
discussed below.
The headrace tunnel is located on the left bank of the
Huallaga River, on the east flank of a large anticlinal structure trending NW-SE with layers that always dip between
40° and 80° towards NE. The carbonate rocks are characterized by ductile structures with broad folds oriented
mainly in a NE-SW direction, these being the features that
impact the project structures, particularly the headrace tunnel, as it runs at right angles to these geological structures
and, therefore, intersects them in some stretches, such as
the Lluto and Chimao creeks.
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The main discontinuities in these rock masses are the
bedding planes, which are very persistent with thin to medium layers, 20 cm to 60 cm thick. Other discontinuities
correspond to two families of tension fractures caused by
folding, as well as systems resulting from the shear stresses
to which these rocks were subjected.
Thrust faults in a NW-SE direction were mapped on
the left bank of the Huallaga River. Various strike-slip
faults in a NE-SW direction with regional dimensions that
leave deep slopes on the creeks coming down from the
mountains were also observed.
In summary, the headrace tunnel is intercepted by
beddings and faults, of which only two are effectively major pressure-relief zones (Lluto and Chimao creeks). Most
of these beddings have a general NE-SW orientation, corroborating the regional structural characteristics.
4.1.1. Geological-geotechnical investigations
To assess the geological characteristics of the project
structures area, dipole-dipole array, vertical electrical sounding, seismic refraction and MASW (Multichannel Analysis of Surface Waves) geophysical methods were used. The
local topography of high and steep slopes impacted the performance of the geophysical surveys, especially in matching the most appropriate lines.
Due to the difficult access in virtue of the steep slopes
in the project region as well as the dense vegetation, in
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some cases field geological surveys were made in locations
near to or parallel to the project axis and structures. Along
the headrace tunnel axis, 22 surface geomechanical stations
conveniently located were defined and used to determine
the structural characteristics of the rock mass.
Boreholes were drilled at the tunnel portals, at the
adits entrance and at locations of lower massif cover, like
the creeks mentioned.
4.1.2. Hydrogeological model
The hydrogeological model developed during the design studies concluded that the supply to the aquifer was the
result of:
• infiltration of rainwater and water from tributary creeks
or water from remote areas seeping through the longitudinal and transverse fault planes that affect the zone;
• the flow of underground water through the limestone
rock mass as a result of its secondary permeability, the final direction of the water flow being the banks of the
Huallaga River, which acts as an important natural drain;
• eventual perched aquifers in the limestone rock mass.
Considering that the bedding planes are subvertical,
incursions into the caves in the region detected that the
main karst access points (sinkholes and dolines) could be
investigated to depths of 80 m to 100 m or even more, down
to locations where the presence of fallen blocks hindered
further access.

high, 8.5 m wide horse-shoe shaped cross section. It was
excavated by the drill and blast method with full face blasting for each round, using five intermediate adits. Figure 53
illustrates the headrace tunnel alignment and the location of
the adits.
The maximum cover above the tunnel is around 880 m.
The average unconfined compressive strength (UCS) of the
rock is about 100 MPa for the massive gray limestone and
about 85 MPa for the bituminous limestone. Thus, considering an average specific weight of the rock of around
2.6 tf/m3, the maximum in situ geostatic stresses are in the
range of 23 MPa, or about 25% of the intact rock UCS.
The tunnel alignment crosses two main side valleys at
distances of about 2.3 km (Lluto creek) and 12.2 km (Chimao creek) from the intake.
Considering that a maximum hydraulic head of 313 m
is imposed at the Chimao creek crossing, hydro-jacking
tests were performed from the surface, as well as from inside the tunnel itself, to check the minimum in situ stresses
and adjust the lining design. A reinforced concrete lining
was used in the low-cover section of the tunnel, about
200 m and 180 m long immediately upstream and downstream, respectively, of the steel lined siphon used to pass
underneath the side valley, with length of 323 m to guarantee safe hydraulic gradients during operation in this specific
location.

4.2. Description of the headrace tunnel

4.3. Geological and geomechanical characteristics of the
rock mass along the tunnel

The headrace tunnel horizontal and vertical alignments were selected in order to ensure adequate rock cover
in the left-bank side valleys, while minimizing the maximum rock cover and the length of the intermediate construction adits. It has a total length of 14.38 km and a 7.85 m

During construction of the headrace tunnel, a very detailed geological mapping was obtained as the excavations
progressed. The data collected from this survey included:
geological formation, rock mass description, hydrogeological aspects, estimation of Barton’s Q index, including

Figure 53 - Plan view, cross section and longitudinal section of the headrace tunnel.
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the rock mass class and quality. Photographs showing the
rock type, discontinuities, presence of water and other
items of interest on the tunnel face at each excavation round
were also produced. Figure 54 presents an example of one
such document.
Geological/geotechnical maps of 50 m sections along
the tunnel were prepared, presenting the different lithological types, the orientation of the bedding planes and
other important geological structures. Stereograms showing the orientation of the bedding planes were included as
this is the most persistent structure.
Barton’s rock mass classification was done methodically at each excavation advance, showing the value attributed to each of the parameters from which it is derived, the
GSI punctuation, alteration/consistency/jointing degrees
and the features of the main discontinuities. Definition and
adjustment of the tunnel support at each excavation round
was postulated based on this data.
During excavation of the tunnel, various lithological
types were crossed: gray and/or banded limestones, bituminous limestones, breccia and andesitic dykes. At some
chainages shearing developed along the bedding planes
was observed, which at these locations presented a clayey,
silty or crushed rock filling. These particular features were
named “stratigraphic fault”; Figs. 55 and 56 illustrate these
features in the excavation front.
No karstic cavities were found along the alignment of
the headrace tunnel during excavation. The only cavity of
karstic origin was intersected at chainage 0+234 of adit 3.
At this spot, a cavern filled with clay approximately 6 m
wide and 8 m high was found at the adit tunnel crown. It
was interpreted to be related to a karstic duct which started
at a doline placed about 100 m higher than the level of the
adit and ended in a cavity on the right bank of the Chimao

Figure 55 - View of the thinly stratified gray limestone at the excavation front.

Figure 56 - View of the “stratigraphic faults” in the gray limestones at the excavation front.

creek. The cavity was backfilled with concrete and the infiltration water flowing through the karstic duct was conveyed through pipes to the portal of the adit 3 to allow the
excavation to proceed.
The banded limestones described were continuously
and irregularly interbedded with the gray limestones and
could, therefore, be grouped with them as they have similar
geotechnical behaviour. The rock is dark gray with light
bands with moderate degree of jointing and alteration, medium to low strength, thin to moderate bedding layers and
three joint systems (Fig. 57).

Figure 54 - Tunnel face geological mapping.
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The bituminous limestones are part of the middle
member of the Pucará Group and were found overlying the
banded gray limestones. This lithological type is black and
dark gray with moderate to intense degree of jointing and
alteration, low to medium strength, thin to moderate bedding layers and three joint systems, with clayey silt or
crushed rock fillings in some bedding planes, as well as thin
layers of carbonaceous lutites (Fig. 58).
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Figure 57 - View of the thinly stratified banded limestone at the
excavation front.

4.4. Tunnel lining design
4.4.1. Design assumptions and excavation support
The tunnel support was defined according to the QSystem (Barton, Lien and Lunde, 1974; NGI, 2013). In the
crossings under the Lluto and Chimao creeks, where the
conventional empirical cover criteria were not met, steel
and reinforced concrete linings were used and auxiliary
measures taken to ensure safe operation of the tunnel in
terms of water losses and the stability of the adjacent
slopes.
The final lining for the operation phase in most of the
headrace tunnel consisted of shotcrete applied systematically as a permanent excavation support on the crown and
sidewalls with a thickness varying between 7 cm and 20 cm
according to the rock mass class, and a plain 25 cm thick
concrete slab on the tunnel floor poured over a layer of
compacted muck. The systematic installation of a secondary lining of cast-in-situ concrete was discarded because

Figure 58 - View of the bituminous limestone at the excavation
front.

the calcareous rocks encountered along the tunnel were
considered durable under the foreseen operating conditions, and the 2.8 m/s flow velocity in the tunnel was compatible with a shotcrete lining.
Table 2 summarizes the tunnel support as a function
of Barton’s Q value:
4.4.2. Reinforced concrete and steel lining under the
Chimao creek
At the location where the tunnel passes under the
Chimao creek, at a tunnel chainage of around 12+340, the
rock cover is approximately 20 m with an applied hydraulic
head reaching 313 m at elevation 883 m above sea level
(m.a.s.l.). Steel lining was designed for this section of the
tunnel, 322.8 m long and extending to both sides of the
Chimao valley. Confinement of the rock mass in the tunnel
sections adjacent to the steel lining was checked by means
of several hydro-jacking tests; the results showed a minimum safety factor against jacking of the rock of around

Table 2 - Summary of tunnel lining design as a function of Barton’s Q value.
Q

Rock mass class

Description of the tunnel support treatment

Q > 60

I (very good rock)

7 cm thick fiber reinforced shotcrete (crown and sidewalls)

7 < Q £ 60

II (good rock)

7 cm thick fiber reinforced shotcrete (crown and sidewalls); spot bolting
where required

0.64 < Q £ 7

III (moderately good rock)

10 cm thick fiber reinforced shotcrete (crown and sidewalls); 3 m long passive bolt (j = 25 mm) at 2 m spacing in the crown; spot bolting where required

0.08 < Q £ 0.64

IV (poor rock)

15 cm thick fiber or steel mesh reinforced shotcrete (crown and sidewalls);
4 m long passive bolt (j = 25 mm) at 2 m centers in the crown and sidewalls

Q £ 0.08

V-A (very poor weathered rock)

20 cm thick steel mesh reinforced shotcrete (crown and sidewalls); steel rib
or lattice girder spaced at 1 m centers; forepoles if necessary (crown)

V-B (very poor altered rock)

20 cm thick steel mesh reinforced shotcrete (crown and sidewalls); steel rib or
lattice girder spaced at 1 m centers; forepoles (crown); reinforced invert if necessary
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1.10. To ensure a safety factor of 1.30 and to avoid potential
leakage from the tunnel, a hybrid impervious lining, extending to the points where the rock cover is sufficient
according to conventional empirical cover criteria, was implemented on both sides of the valley. The hybrid lining is
composed of the following elements:
• an outer ring of reinforced shotcrete applied over the existing tunnel support with a minimum thickness of 20 cm
and a circular inner profile;
• a sprayed 3 mm thick waterproof membrane applied on
the inner surface of the shotcrete ring (this membrane
was considered an additional measure whose effect was
disregarded in the dimensioning of the reinforced concrete);
• a 40 cm thick inner ring of reinforced concrete poured
over the waterproof membrane.
Additional grouting of the rock around the tunnel at
pressures of up to 30 bar (equivalent to the operating pressure of the tunnel in this section) was performed to further
reduce the permeability of the rock mass and also to precompress the concrete lining.
The hybrid lining was applied along a 181.0 m length
of the tunnel downstream of the steel lining and a 201.0 m
length upstream of the lining. Thus, the lined section of the
headrace tunnel in the region of the Chimao creek had a total length of about 704.8 m.
4.5. Procedures for filling the headrace tunnel
Special procedures for filling the headrace tunnel
were defined in design, considering flow from the gates at
the water intake and from the natural water table of the rock

mass into the tunnel, this infiltration being estimated to be
3
around 2 m /s. The water intake structure is divided into
two bays, each equipped with a fixed-wheel gate. Each gate
is divided into three panels; the lower two are rigidly coupled, while the middle and upper panels are linked with a
special tie, forming a 50 mm space between them. Opening
the middle and upper panels without raising the whole gate
is called a “cracking” operation.
th

Filling of the tunnel started on November 17 , 2015,
using only the inflow in the tunnel provided by the natural
water table. Figure 59 shows that from the beginning the
water level inside the headrace tunnel rose at a rate of approximately 0.4 m/h with the infiltration flow alone, well
below the maximum recommended rate of 2 m/h (Benson,
1988).
th

On November 26 the level in the reservoir reached
the intake structure, allowing crack opening of the gates to
start, with the water level inside the tunnel at elevation
975 m.a.s.l.
Filling continued at approximately 0.4 m/h for the
next seven days, when the water level inside the tunnel was
observed to be stabilizing at approximately at elevation
1,050 m.a.s.l. As the water level inside the tunnel rose, at
this moment the exfiltration flow from the tunnel exceeded
the infiltration rate.
Throughout this period, the site was inspected to
check if water was daylighting and appearing anywhere or
if there were any related surface changes, particularly inside the construction adits and respective concrete plugs.
No significant changes were detected.

Figure 59 - Tunnel filling.
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The maximum normal water level in the reservoir (elth
evation 1,196 m.a.s.l.) was reached on December 4 , and
one of the spillway gates was opened to control the level.
As the filling rate fell to 0.1 m/h, it was decided to
lower the reservoir level so that one of the gates at the water
intake could be opened with a low head. In this way the inflow and water velocities could be controlled, avoiding
damage to the concrete floor of the tunnel. Lowering of the
water level in the reservoir to elevation 1,182.2 m.a.s.l.
th
(just 0.7 m above the gate sill) began on December 9 , and
the reservoir level was kept at this elevation, corresponding
3
to an inflow of 4.0 m /s.
With this procedure, the filling rate of the tunnel was
increased to 1 m/h for the next three days and dropped again
to 0.3 m/h, reaching elevation 1,160 m.a.s.l. around noon
th
on December 18 . As the last stretch of the tunnel would be
less affected by the filling flow (the floor is less inclined), it
was decided to raise the reservoir level again to finish filling the tunnel. This was done on December 19th in the
morning. The filling rate during this last day was 1 m/h.
The following changes were observed during the first
half of December:
• low seepage at the concrete plug in adit 4; complementary grout injections were performed.
• no change at adit 3.
• increased seepage into a drainage gallery excavated under Chimao creek to control uplift water pressure in the
siphon.
• significant seepage in the lower half of adit 2.
th

4.6. Headrace tunnel incident on February 17 , 2016
4.6.1. Description of the incident
Filling of the headrace tunnel happened between November 17th and December 19th, 2015. The tunnel remained
pressurized with its normal operating pressure from that
th
date till February 17 , 2016, a period of 61 days, without
any record of abnormalities. During this period three crude
measurements of overall tunnel leakage were performed,
by closing the gates at the tunnel intake structure and measuring the drop in the water level in the adjacent adit 0 after
a given time interval. The measurements indicated an exfiltration/leakage of around 2.5 m3/s.
th
On February 17 , 2016, at 1:03 PM, a load rejection
test was performed on one of the generating units with 80%
of the maximum generating flow. At 6:57 PM, an earthquake of magnitude 4.2 on the Richter scale was recorded.
The epicenter was very close to the dam site, and the earthquake was perceived by the site personnel as an intense,
very short shake.
th
On February 18 , 2016, a significant leakage of dirty
water on the left bank of Chimao creek was observed and
adit 3 flooded. On the same day, a load rejection in the second generating unit with the same 80% of the maximum
generating flow was performed. The leakage increased fur-
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ther the next day, turning into a very intense surge of water.
th
On February 20 , 2016, another general leakage measurement was carried out in the headrace tunnel in the same way
as previously. The results indicated a leakage of approxi3
mately 11.4 m /s, an increase of about 4.5 times over the
previous measurements in the tunnel.
This led to the decision to dewater the tunnel in order
to investigate the causes of the problem.
4.6.2. Seismic data recorded on the day
th

On February 17 , 2016, at 6:57 PM an earthquake of
magnitude 4.2 on the Richter scale struck at a distance of
approximately 3 km from the Chaglla Hydroelectric Power
Plant Dam and 13 km from the powerhouse.
The location of the earthquake was initially determined by the Geophysical Institute of Peru (IGP). Figure 60
(a) shows the location of the earthquake on a Google map of
Peru (taken from an IGP web page) and Fig. 60 (b) presents
a larger scale image showing the locations of the earthquake (SISMO) and the Chaglla Dam (PRESA).
Three accelerographs had been installed on the site to
record movements generated by seismic activity. Two were
installed at the dam: at the dam’s the crest, and at its base.
The third was installed in the powerhouse structure. At the
time of the earthquake, the accelerograph at the base of the
dam was out of service because of vandalism, and readings
were only available for the crest of the dam and the powerhouse.
4.6.2.1. Earthquake records
Figure 61 shows the recordings of the three earthquake acceleration components over time at the dam. The
estimated distances from the epicenter of the earthquake to
the dam and power house (other recordings) are 3 km and
13 km, respectively.
4.6.2.2. Seismic interpretation of the records
Table 3 shows a list of the main parameters for recordings on the crest of the dam.
The most remarkable result is the high value of peak
acceleration (1.5 g) for the 01-02 (NS) component at the
crest of the dam, approximately 150 times greater than the
largest component (NS) for the powerhouse. The short distance between the epicenter and the dam would suggest that
the peaks are the product of some near-fault effects, such as
directivity or the hanging-wall effect.
All the values of the parameters recorded at the powerhouse are very small and of no significance from an engineering point of view, this fact being interpreted as being
associated to the installation of the accelerograph in this
structure.
As already mentioned, the location of the earthquake
was determined by the IGP as latitude 9°42’36” S and longitude 75°51’36” W (-9.71° N, -75.86° E) at a depth of
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th

Figure 60 - Earthquake location: (a) Location (determined by the IGP) of the 4.2 magnitude earthquake that occurred on February 17 ,
2016; (b) Close-up showing the location of the Chaglla Dam (PRESA), of the village of the same name and of the earthquake (SISMO).

26 km; different calculations estimated the depth as being
between 1.3 to 4 km.
While further investigation would be required to confirm this calculation, it is interesting to note the association
between a shallow earthquake and the characteristics of the
three components measured at the crest of the dam: very
high peak accelerations and very high frequencies (predominantly very small periods).
The possible peak acceleration and velocity at the
opening of the cavity detected in the hydraulic left sidewall
of the headrace tunnel, distant 10.8 km from the epicenter,
were also estimated. It can be observed that, at the position
where the opening in the left sidewall of the headrace was
estimated to be, the mean PGA could have reached 0.06 g
and around 0.12 g for the mean value plus one standard deviation.
4.6.3. Effects observed on the project structures
Localized damage was observed after the earthquake
th
on February 17 and was a result of the seismic event.
4.6.3.1. Dam area
A small shallow landslide was observed on the hillside on the right abutment near the dam, and a metric size
rock rolled from the slope, as shown in Fig. 62 (a) and (b).
4.6.3.2. Region near the adit 2

Figure 61 - Crest of the dam: Recording of the three acceleration
components.
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After the earthquake, a shallow landslide was observed near the entrance portal to the adit 2, distant approximately 8 km from the epicenter (Fig. 63).
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Table 3 - Parameters measured by the accelerographs.
Component

Recording rest of the dam
01-01 (vertical)

01-02 (NS)

01-03 (EW)

Peak acceleration (g)

0.588

1.491

0.766

Spectral intensity (cm)

0.0929

0.2122

0.1906

Predominant period (s)

0.1009

0.0714

0.0819

Mean period (s)

0.0967

0.1030

0.1277

Peak velocity (m/s)

0.0631

0.1553

0.1556

Peak displacement (mm)

3.584

6.862

5.482

Cumulative absolute velocity (m/s)

2.0725

5.4117

3.4846

Arias intensity (m/s)

0.4813

2.6155

0.9995

1.26

1.46

1.45

Arias duration (5-95) (s)

Figure 62 - Right bank – landslide downstream of the dam.

4.6.3.3. Chimao creek area
After the earthquake, the following events were observed in the Chimao creek area:
• Small shallow landslide on the left bank of the creek
(Fig. 64 (a) and (b));
• An area with a high volume flow of dirty water from the
headrace tunnel outcropping on the left bank of the creek
(Fig. 65 (a) and (b)).
4.6.4. General considerations on the earthquake
The earthquake recorded on February 17th, 2016 was
felt as a short duration impulse by personnel in the offices
on the site, which is approximately 2 km from Chimao
creek. This would indicate that the earthquake had a Modified Mercalli (MM) intensity of between III and IV in the
area where the offices are located.
The seismic records from the accelerographs show
that the earthquake was of very short duration, of the order
of 1.5 s at the dam site. The high peak accelerations of the
three components recorded at the crest of the dam are substantially higher than expected, even when an amplification
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Figure 63 - Adit 2 – landslide near the entrance portal.

factor of 2 to 2.5 due to the structural behavior is taken into
account. The velocities recorded are within the normal
ranges.
In particular, the recordings show very high frequency components. Calculations to determine the location of
the earthquake using the three components of the accelerogram recorded at the dam appear to indicate that the
earthquake was very close to the surface, at a depth of less
than 4 km.
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Figure 64 - Chimao creek – left bank – landslide around 100 m
upstream of the access bridge for adit 3.

In a number of localized areas near the dam and the
adit 2, small landslides and some minor damage were observed after the earthquake. Using the NGA attenuation
formulae (Power et al., 2006), the possible values of peak
acceleration and peak velocity at the dam (at the rock base)
and powerhouse were estimated. The possible peak acceleration and peak velocity at the opening of the cavity detected in the hydraulic left sidewall of the headrace tunnel
were estimated; it is estimated that the horizontal acceleration could have reached between 0.06 g and 0.12 g.
Because of the high volume flow of water outcropping in the region of Chimao creek and the considerable increase in the amount of water pumped out of adit 3, together
with the almost 4.5-fold increase in the amount of water
exfiltration from the headrace tunnel, it was decided to
dewater the headrace tunnel.
4.7. Headrace tunnel dewatering procedure
The dewatering procedure of the headrace tunnel was
carefully thought and implemented, as not to further damage the tunnel.
The gates at the water intake structure were closed on
February 20th in the morning. The water level inside the tunnel was carefully monitored with three manometers installed in adit 3, in adit 4 and in the lower end of the
headrace tunnel.
Due to the water leakage in the tunnel, and the lack of
infiltration from the rock mass in the upstream section of
the tunnel, the initial dewatering rate was very high - 65 m
in the first hour. To reduce the dewatering rate, one of the
gates at the water intake was cracked and the dewatering
rate dropped to 11 m in the second hour, and 8 m in the
third.
A special device was installed to crack open the second gate in an attempt to further reduce the dewatering rate.
Additionally, to gain better control of the dewatering rate,
five pumps were installed close to the water intake. These
pumps operated from the night of February 20th to the morn-
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Figure 65 - Chimao creek – left bank – high-volume flow of dirty
water was observed (later known as coming from the headrace
tunnel) about 100 m upstream of the access bridge for adit 3 the
day after the earthquake. Water can be seen with important
amount of solids in suspension.
rd

ing of February 23 , and the average dewatering rate during
these three days was around 1.2 m/h, corresponding to a
drop in the water level from about elevation 1,090 m.a.s.l.
to 1,005 m.a.s.l. if the first two hours of dewatering are
ignored. This corresponded roughly to the prescribed
dewatering rate of 1.0 m/h.
rd
On February 23 in the afternoon, a few hours after
the pumps had been shut down, one of the gates was completely closed. As a result, the water level in the tunnel
dropped quite fast, and the gate had to be crack opened
again. In five hours, the level inside the tunnel dropped
43 m, reaching elevation 967 m.a.s.l. During the following
three days, the gates were successfully operated until they
were finally closed and dewatering could be started from
the drainage valve at the bifurcation downstream of the
headrace tunnel in the spherical valve room. The average
dewatering rate during these three days was approximately
0.3 m/h, and the water level in the tunnel was at elevation
946 m.a.s.l.
th
On February 25 in the afternoon, a site inspection
showed that the surge of water at the left bank of the
Chimao creek had ceased as the water level inside the tunnel reached elevation 950 m.a.s.l., approximately. On the
same day, the tunnel was accessed through adit 0 and a partial inspection was carried out down to adit 2. The water
level inside the tunnel had stabilized at elevation
948 m.a.s.l., which meant that the drainage valve capacity
was approximately equal to the infiltration flow. On March
1st the drainage valves in the powerhouse used to drain the
spiral casing could be operated, and dewatering was resumed slowly at around 0.15 m/h until the dewatering
th
valves at adit 3 were operated on March 6 .
Dewatering through adit 3 required that several drainage pumps were operated. These were operated for 3 days
until the water level reached 920 m.a.s.l., which corresponds to the tunnel floor under the surge chamber at chainage 14+000 approximately, being the highest point in the
tunnel downstream of the siphon at Chimao creek. Dewa-
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tering through the bypass valves in the powerhouse is not
possible from this elevation downwards.
Further lowering of the water level in the tunnel below elevation 920 m.a.s.l. was not possible because of the
high infiltration flows, particularly from the upstream
stretch of the tunnel. Two boreholes were, therefore, drilled
in adits 1 and 2 to install the ventilation system and construct small cofferdams so that the infiltration flows could
be diverted to these holes and drained out of the adits.
On March 15th the water level inside the tunnel
reached elevation 898 m.a.s.l. At this point, as foreseen in
the dewatering procedure, a floating movable pumping system was installed inside the tunnel, allowing to dry the siphon at Chimao creek.
Figure 66 shows the dewatering curve and the main
events registered during the dewatering procedure.
4.8. Cavity detected at chainage 12+740
4.8.1. Initial site investigations by speleologists
On March 17th, 2016, after most of the tunnel had
been dewatered, a local failure of the shotcrete lining could
be observed in the lower part of the hydraulic left sidewall
of the tunnel at chainage 12+740, measuring roughly
1.5 x 1.5 m and triangular in shape.
This cavity was inspected by a team of geo-speleologists and called El Hoyo de la Beba; its internal topogra-

phy was mapped to collect all possible data that could help
establishing its possible origin. Additionally, the geo-speleologists inspected and mapped the cavity at the left bank
of Chimao creek where the outcrop of water was detected,
this cavity being called El Suspiro de la Frescia.
El Hoyo de la Beba cavity is 1.50 m wide and 1.50 m
high at the entrance (Fig. 67), subparallel to the rock mass
bedding layers, with an average dip/dip direction of 310/76
and extends more than 5 m (the real depth could not be measured due to safety requirements) below the floor of the tunnel in the location where it intersects the tunnel. The roof
and walls consist of jointed, stable, gray to black rough
limestone rock with layers up to 1.50 m thick, with some indications of slickensides in the rock walls, and without any
signs of dissolution.
El Hoyo de la Beba continues approximately 80 m
upstream of the point where it starts at chainage 12+740,
reaching a maximum width in one of the sections of 8.6 m
and a height of 3 m. It runs diagonally to the headrace tunnel and after 80 m turns upward along an axis like a chimney rising more than 30 m above the crown of the tunnel.
The end of this chimney was not reachable due to the presence of many unstable blocks, which would put at risk the
safety of the personnel involved in the activity.
No stalactites or stalagmites or other characteristic
morphological features were found in the area inspected.
Vertical rock bolts were observed on the floor of the cavity

Figure 66 - Dewatering curve of the headrace tunnel and main events.
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subparallel to the axis and to the rock mass bedding layers.
The inspection carried out by the geo-speleologists extended around 120 m into the cavity, which is 1.5 m to
10.7 m wide and, on average, 3 m high. Although in the inspection period the cavity was dry, a karstic process was associated to its origin, as well-developed stalactites and
stalagmites were documented by the geo-speleologists
(Fig. 69).
4.8.2. Internal survey of the cavity
Figure 67 - View of the entrance to the cavity on the hydraulic left
sidewall of the headrace tunnel at chainage 12+740.

(Fig. 68), suggesting that the area being inspected was immediately above the crown of the tunnel.
Based on the site inspection, the geo-speleologists
concluded that the El Hoyo de la Beba cavity did not exist
previously and that it established itself in a “stratigraphic
fault” filled with friable intensively fractured material that
became erodible when disarticulated and submitted to high
flows and water pressures after the earthquake.
The cavity El Suspiro de la Frescia is located in the
hydraulic right side of the headrace tunnel approximately

A topographical survey of the El Hoyo de la Beba
cavity was carried out with a portable laser scanner. Figures 70 and 71 show isometric side and front views produced
as part of this survey, and Fig. 72 shows cross-sections indicating the position of the cavity in relation to the headrace
tunnel.
Analysis of Fig. 70 indicates that the cavity extends
along a “stratigraphic fault”, that is, a fault developed along
the orientation of the limestone bedding, slightly diagonal
to the axis of the headrace tunnel between chainages
12+740, where it enters the tunnel, and approximately

Figure 69 - View of El Suspiro de Frescia cavity with stalactites
and stalagmites.

Figure 68 - View of a headrace tunnel rock bolt. The fact that the
bolt is vertical suggests that the area being inspected is above the
roof of the tunnel.
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Figure 70 - Isometric side view of the El Hoyo de la Beba cavity.
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alignment almost parallel to the tunnel axis and then turned
upwards into a chimney-like shaft rising more than 30 m
above the tunnel crown (see Figs. 70 and 71). At this point
access to the cavity was blocked by accumulated debris
(mostly rounded boulders) that could not be safely removed
to allow further exploration. The initial 140 m of the cavern
had rough walls, indicating that no karstic phenomena ever
acted in this location; on the contrary the transition to
smooth walls was generated by dissolution which was
clearly seen and mapped.

Figure 71 - Isometric view towards upstream of the El Hoyo de la
Beba cavity.

12+680. From this point on, because of joints and / or
sinistral faults, the cavity joined a karst conduit, approximately 110 m upstream of chainage 12+740.
It is speculated that approximately around elevation
950 m.a.s.l. this cavity meets the karstic cavity El Suspiro
de Frescia, which would have caused the surge of water in
the left bank of Chimao creek. This probable connection
between the two karstic conduits around the mentioned elevation is interpreted due to the fact that, during the dewatering process, at this water level in the headrace tunnel, the
surge of water in the Chimao creek stopped completely.
4.9. Mechanisms involved in the formation of the cavity
The inspections and investigations performed at the
site of the incident revealed a large cavity in the rock mass
adjacent to the headrace tunnel that could be accessed from
the opening in the lining resulting from the failure. According to the geological survey described, the cavity extended
about 80 m upstream from the opening in the lining with an

The interpretation for the formation of this cavity is
that it originated from the erosion of material that filled a
stratigraphic fault. This fault was aligned with the bedding
of the calcareous rock and was the result of differential
movement along the bedding of the rock that occurred during the tectonic history of the area. Its filling material was
composed of sheared and crushed rock, originally in a very
compact state, but which constituted a preferential seepage
path. This fault zone had been intersected during excavation of the tunnel and had been defined as a Class V zone
(according to Barton’s Q index) for about 12 m long. However, at the chainage where the failed lining was found, the
rock mass had been classified as Class III during tunnel excavation and no weak or erodible materials were observed
on the tunnel face, walls or crown. The support measures
applied in this tunnel section were, therefore, those corresponding to Class III rock mass, and consisted of 10 cm
thick fiber reinforced shotcrete on the crown and sidewalls
and 3 m long, 25 mm diameter, passive bolts at 2 m intervals in the crown. The tunnel floor was lined with a 25 cm
thick plain concrete slab poured over the compacted muck.
No abnormalities were recorded when this section of the
tunnel was excavated and the support measures were applied.
After filling and pressurization of the tunnel, which at
this point had an internal pressure of 31 bar, the water satu-

Figure 72 - Cross-sections of the headrace tunnel showing the position of the El Hoyo de la Beba cavity.
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rated the infilling material in the fault zone. It is interpreted
that the earthquake acted as a trigger in the disarticulation
of the infilling material, which when subjected to the high
pressure of approximately 31 bar, suffered a retrogressive
erosion process starting from its interface with the karstic
feature in the rock mass. This erosion retrogressed until it
reached the location where it caused a loss of the passive
support of the tunnel wall, leading to the localized failure of
the lining. This karstic cavity was connected with an existing cavity that daylighted on the left bank of Chimao creek
and constituted the duct through which the observed large
flow of dirty water outcropped.
It is important to mention that the installation records
of all rock anchors in the region, as well as their quality
control load test, were analyzed, and showed no indication
of the rock mass in the area being of weaker competence.
4.10. Design solution to the problem
Prior to the implementation of the necessary remedial
works, an intense investigation of the tunnel, along all its
alignment, was performed using different geophysics processes and direct borings, in order to guarantee that no similar feature existed and could fail in the future pressurizing
of the tunnel. Some regions where there were indications of
possible presence of cavities were grouted.
The solution for the collapsed region was traditional,
simple and quick to implement. The erosion cavity Hoyo de
la Beba was filled with concrete until it became distant
transversely to the tunnel – a transversal distance of 30 m
was postulated as the criterion for concrete filling. The concrete lining previously installed at the Chimao creek was
prolonged to a tunnel chainage where the design hydraulic
gradient criteria was met in rock mass with reliable geomechanical characteristics.
4.11. Conclusions
The Chaglla HPP has been in successful operation
since mid 2016; the concerns related to the behavior of the
headrace tunnel during and after its pressurization for
power generation have been surpassed.

5. Concluding Remarks
Some case histories are presented and discussed, trying to frame the physical behaviour(s) that lead to important gains in knowledge of geotechnical behaviour in important infrastructure projects, during detailed design and
construction. Creativeness is an important aspect that
guided decisions in these projects, and Prof. Victor de
Mello’s perspective on how to use creativeness is seen as
present in all of them.
Many experienced engineers have studied and solved
equivalent problems. To them these case histories may add
little additional knowledge. To the younger colleagues,
these examples may enlighten their decision taking process.
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In all these case histories, the importance of a sound
geological model to support the design studies is present;
the need to have this geological model alive throughout the
site investigation for the project, and also throughout the
actual construction of the works, updating or even fully revising the existing geological model due to information being gathered as the works progress, is crucial for the success
aimed at. In some occasions, nature as materialised in the
geo-environment, excited by meteorological factors, manifests itself through a different model than that accepted and
studied previously.
Difficulties in budget and time constraints sometimes
add an important factor in some contract models prevailing
these days in many important infrastructure projects.
Broadly speaking, why so many projects undergo significant changes after start of construction or event failures
continue to happen, and so much resources and time is lost
due to these situations?
It is our understanding that geo-engineering, soil and
rock mechanics and geology for engineering, has developed to a point in which sound physical concepts are recognized and understood. Mathematical tools have been
developed to very sophisticated levels, in which the required input parameters many times are not practically obtainable, other than in research related activities and
projects.
Anticipation of a geological model is very important
in order to plan and properly interpret data from a site investigation program; Fookes (1997, 2000) provides a very
important contribution discussing and proposing basic geological models for different geological environments.
Fookes (1998) also gives an important contribution when
he clearly states “if you do not know what you are looking
for in a site investigation you are not likely to find much of
value”. Keeping the model “open” to be re-discussed at the
light of new information coming from the site, during construction work, is of fundamental importance – early stages
of excavation in a major construction site provide infinitely
more information than localized boreholes.
The relevance of construction methodology and its
inter-relation with design hypotheses also plays an important role, especially in soil-structure interaction behaviour,
and should complement aspects of the geological model
during design and construction.
The constant updating of the state of knowledge or of
practice is crucial when pursuing the required optimizations in the major infrastructure projects so needed by our
societies. I hope that the discussion of these important
geotechnical works adds to the state of practice and knowledge.
As a last tribute to Victor de Mello in this occasion, I
think it is valid to share one of his most used sayings, an
Arab proverb:
He who knows not, and knows not that he knows not He is a fool, shun him.
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He who knows not, and knows that he knows not - He
is simple, teach him.
He who knows, and knows not that he knows - He is
asleep, wake him.
He who knows, and knows that he knows - He is wise,
follow him.
which was discussed, in many interactions with Prof.
John Burland before his death, as meriting revision and
both proposing that the last line should be re-written and a
further line should be added as follows:
He who knows, and knows that he knows – He is insufferable, use him.
He who knows, and knows when he knows not – He is
wise, follow him.
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A Method for Designing Finger Drains
and Assessing Phreatic Lines for Dams
M.C.N. Araújo, T.F. de Souza Júnior, M.N.B.Trevizolli, C.A. Teixeira, S.H.C.Teixeira, V.P. Faro
Abstract. Finger drains are linear drains used to collect and conduct percolated water in embankment dams. They are
arranged crosswise into earth dams, either permanently or as a technique to treat clogged filters. Given their easy operation,
they are often applied in engineering practice, without the aid of specific dimensioning techniques in many cases. The aim
of this paper is to propose a method for designing finger drains for earth dams, considering geometric and hydraulic
characteristics (length, width, spacing, height and reservoir level). Moreover, the method allows estimating the phreatic
line inside the dam. The method was based on data from small scale physical models and on numerical models, calibrated
using the physical model results. Twenty-seven numerical models were developed by simulating seepage for different
spacing between drains and lengths of drains, besides three reference numerical models with different lengths of drainage
mat. The numerical modeling was validated using the results of four small-scale models processed with software Seep/W.
Keywords: dams, drainage, finger drains, model, small-scale.

1. Introduction
Internal drainage systems contribute to the stability of
earth dams. An effective drainage significantly reduces the
risk of accidents. Massad (2003) states that most of the accidents involving earth dams are caused by the absence of
an efficient flow control system.
Typically, soils with very low permeability are chosen to build earth dams, in order to minimize water flow
through the soil mass. Due to the characteristics of the used
materials, seepage inevitably occurs through the dam
earthfill. According to Cruz (1996), drainage systems are
the main defense against concentrated and preferential
flows; that is, drainage systems regulate seepage in the dam
itself and in its foundation, reducing the pore-pressure and
disciplining flow leakage downstream of the dam.
Finger drains are linear elements arranged side by
side in the main flow direction, perpendicular to the dam
axis, at specific distances from one another. These drainage
devices are recommended as an alternative to drainage
blankets when the cost of drainage materials is very high or
when the volume of granular material required for building
a drainage blanket is not available. They are also used in
corrective interventions on clogged filters, for maintenance

purposes. The drains can be designed with sloped sides to
allow an even distribution of ground stress.
The cross-section of finger drains must be large
and/or enough permeable to support the flow that percolates without raising the pore-pressures in the earth fill dam.
Therefore, it is important to assess the spacing between
drains to ensure that the hydraulic heads are dissipated and
pore-pressures do not interfere with the structure functioning. Drainage systems should be designed to maintain the
stability of these structures and prevent phreatic levels from
rising.
The shape of the three-dimensional phreatic surface
inside a dam provided with linear drains, as well as the format of the flow network and the way in which pore-pressures are distributed in the earth fill are, strictly speaking,
unknown. Nowadays, there are no practical methods to estimate the position of the phreatic line when using finger
drains, even though it influences the variation of safety factors of the dam downstream shoulder.
Thus, this paper proposes a method for designing finger drains for earth dams, considering its geometry, such as
length, width, spacing, and height, and for obtaining an outline of the phreatic line inside the dam. The method is based
on small-scale physical models and numerical models calibrated by small-scale responses. Twenty-seven numerical
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models with finger drains were developed, which simulated
percolation for different combinations of drain spacing and
length, besides three reference models, with different
lengths of drainage blanket. The results were processed and
design abacuses were developed based on the studied parameters so that, once applied, the estimated behaviors
were similar to those provided by the numerical and physical models results.
In general, drainage systems are made with very permeable materials, such as sand, gravel, and crushed stone.
As the availability of granular materials is limited in some
regions, some designers have chosen to use linear drains,
also known as finger drains or stringer drains. There are two
requirements regarding the efficiency of finger drains. The
first requirement is that filters and drains should avoid internal erosion of soil. This is called filtration criterion. The
second, and equally important requirement, refers to the
discharge capacity. The drainage system should prevent
pore-pressure from increasing in the dam earth fill, this is
called drainage criterion.
The water that permeates through the dam earth fill
must comply with the overall flow equation, based on
Darcy’s law. Methods based on the overall flow equation
can identify the flow that percolates through the earth fill.
The flow received by each finger drain depends on the
spacing between drains.
Finger drains can collect percolation water and transfer it to the downstream slope toe. Figure 1a shows finger
drains in a dam. The drains are usually made with surrounding transition elements with a thicker grade, forming a
“sandwich” structure, as shown in Fig. 1b. The transition
elements also contribute to soil drainage, although this is
not frequently considered in drain capacity.
The study carried out to develop a procedure for finger drain design, based on small-scale physical models and
numerical models, is described below.

2. Small-Scale Model
The small-scale physical models were built using medium washed clayey sand as earth fill material. The finger
drains were built using gravel with a much higher perme-

ability than the sand. Laboratory tests were made to
characterize the materials used in small-scale models.
The sand was submitted to particle size analysis according to NBR 7181/1984. Constant head permeability
tests were subsequently done, as described in NBR
13292/1995. Furthermore, the sand was tested to obtain
minimum and maximum void ratios for non-cohesive soils,
as recommended in NBR 12051/1991 and NBR
12004/1990, respectively. For the actual density of the
grains, the samples were tested according to the DNER ME 093/1994 standard. The shear strength of the sand was
assessed according to BS 1377-7/9 procedures. Finally, the
samples were submitted to drainage column test to determine the soil water retention curve (SWRC), as described
by Furlan & Dell’avanzi (2007).
The clayey sand particle-size distribution was:
79.20% of sand, 15.40% of clay, and 5.40% of silt particles.
The sand hydraulic conductivity obtained was equal
to 1 x 10-2 cm/s. To account the drainage criteria, gravel
with a particle size between 4.8 mm and 9.5 mm was used,
having material had a hydraulic conductivity equal to 1.9 x
101 cm/s.
The tests to evaluate the sand void ratios resulted in
0.73 and 0.61 for maximum and minimum void ratios, respectively. The minimum sand void ratio was used to calibrate the pluviation height and thus obtain specific gravity
of sand in order to construct the small-scale models of the
dam. Three samples were modeled with three different fall
heights, in terms of dry specific gravity, the behavior of the
material resulted in the curve shown in Fig. 2.
The adopted fall height for constructing the models
was 12 cm, which is related to a specific gravity equal to
1.60 g/cm3, as shown in Fig. 2. The particle density values
3
3
for sand and gravel were 2.50 g/cm and 2.43 g/cm , respectively.
The clayey sand samples were submitted to direct
shear tests. Three samples, modeled by the sand pluviation
method, with a fall height of 12 cm, were tested with normal
stresses of 54 kPa, 74 kPa, and 114 kPa, under saturation.
Given the permeability of the material, the shear test was
performed at a displacement rate equal to 0.30 mm/min, to

Figure 1 - Finger drains: Use in dams (a); view of dam area (b) detail of transitions (Adapted from PUC Goiás, 2016).
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ensure drained conditions during shearing. The shear test
resulted in a friction angle equal to 34° based on the equation: t = 0.68s + 5.

Figure 2 - Specific dry weight as a function of material fall height.

Figure 3 shows the moisture retention curve for the
clayey sand soil, obtained by column test. The residual
moisture content was about 16%, corresponding to
31.50 cm of capillary height.
The small-scale physical dam model was built inside
a 2.50 m long, 44 cm wide, and 60 cm high metal box, with
a frontal acrylic wall. The dam model was 1.90 m long,
50 cm high with a 10 cm wide crest, as shown in Fig. 4.
More details about the physical models can be found in
Araújo (2013).
Three longitudinal sections were used to evaluate the
piezometric lines, as shown in Fig. 5. Thus, the models were
split into front section (S1), middle section (S2) and rear section (S3), to obtain the pore-pressures inside the dam.
Regarding the instrumentation, some open pipe piezometers were installed to measure the pore-pressures
inside the dam model. The piezometers consisted of polyethylene hoses with a 3 mm internal diameter, fixed to the

Figure 3 - Soil moisture retention curve.

Figure 4 - Schematic of the reduced model with the piezometers location.
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steel plate of the base of the box and crossing it. The inlet
end of each piezometer was covered with filter paper and
non-woven geotextile.
Nine pairs of piezometers were positioned on the
front, middle and rear sections of the dam, in the upstream
and downstream slopes and also under the crest, as shown
in Figs. 4 and 5. The small-scale model allowed simulating
the flow behavior in an earth fill dam where finger drains
are installed.
Four small-scale models of dams were built and
tested, each one simulating a specific internal drainage system. The dimensions of finger drains were: 6 cm at the base,
3 cm at the top, 3 cm high and 50 cm long. Table 1 shows
the different drain types and spacing between drains for
each of the 4 tested models.
The piezometers were kept saturated until the dam
reservoir was filled, to facilitate construction and ensure the
good performance of piezometers.
After the reservoir filling, the water tap, located
downstream of the model was opened to initiate the water
percolation through the earth fill. After the flow was established, the drainage of the dam was then measured during a
time “t” by using a graduated cylinder, the piezometers
were read and the flow rate was calculated.
In Model 1 (dam with drainage blanket), the reservoir
reached the elevation 47 cm and then the water percolation
started, advancing downstream through the sand. No signs
of rupture or internal erosion were detected, and the flow
discharged through the middle of the slope toe. The use of
the drainage blanket, in this case, proved to be efficient for
drainage, and the water percolated preferentially through
the center of the device rather than through the side walls of
the acrylic box.
Table 1 - Tested physical model setup.
Model Drainage device

Spacing (S)
(cm)

Drainage area
2
(cm )

-

132

1

Drainage blanket

2

1 finger drain

88

13.5

3

2 finger drains

44

27

4

3 finger drains

22

54

In Model 2 (one finger drain, at 88 cm spacing), despite the absence of signs of rupture, a slight deformation
was observed in the downstream slope. Regarding the device functionality, the simulation showed that the finger
drain is efficient since the flow was mostly discharged
through it. In this case, due the smaller drainage section,
compared to the Model 1, some erosion (particles movement) was observed in the drain outlet.
In Model 3 (2 finger drains, at 44 cm spacing), the
draining material was arranged along both sides of the dam
to enable a linear flow. The functionality of devices proved
highly efficient since the outflow occurred preferentially
through the finger drains. Minimal erosion was observed in
the outlet of both drains, as observed in Model 2.
In Model 4 (3 finger drains, at 22 cm spacing), the
draining material was arranged along both sides and the
middle of the downstream slope of the dam to enable a linear flow. The functionality of devices proved highly efficient, the outflow occurring initially through the middle
drain, followed by the left drain and, lastly, the right drain.
The average flow rate in the four models was 3.53 x
10-6 m3/s. The highest value was recorded in Model 1 (with
the drainage blanket) and the lowest in Model 2 (with 1 finger drain), indicating that the greater the space between the
drains, the smaller the drainage area and, consequently, the
lower the outflow.
Physical modeling of dams with drainage blankets
and finger drains clearly demonstrated the differences in
flow behavior. Analysis of cross section of each model
showed that piezometric heights were fairly consistent with
the situations observed in the modeling.
Section S1, in Fig. 6a, shows very similar readings in
the piezometers located at the upstream side of the dam and
at the crest. As the energy dissipates along the soil, the difference between the readings of piezometers increases. The
head value found by the downstream piezometers is related
to the total drainage area. Thus, the dam with one finger
drain, which has the smaller drainage area, has shown the
greater hydraulic heads. It is important to notice that the finger drains were installed along Section S1 in all four models.

Figure 5 - Positioning scheme of longitudinal sections.
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Figure 6 - Piezometric levels at sections: S1 (a); S2 (b) and S3 (c).

drain along Section 1). In the models where drains were at
22 cm and 44 cm spacing, the water percolated from the
earth fill center to the model lateral walls, resulting in very
similar piezometers readings in Sections S1 and S3.

Results from the models with finger drains at different distances indicated that the smaller the distance between the drains, the greater the energy dissipation and the
lower the hydraulic heads inside the dam. Figure 6b illustrates Section S2 that was the section where the highest
piezometric levels were observed in all models.

3. Numerical Modeling

Finally, the piezometric readings in Section S3
(Fig. 6c) were similar to those in Section S1, as both are in
sections with drains - except for Model 2 (with 1 finger

Parametric analyses regarding the seepage behavior
were conducted using numerical models with the software
Seep/W. Numerical modeling is a simulation of a real phys-
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ical process based on theoretical equations, allowing comparisons between different not-physically-tested scenarios.
When calibrated, models reproduce the real physical process with good accuracy.
Although the employed software is not based on
three-dimensional equations, it allows to model seepage in
a plan. It means that gravity is considered perpendicular to
modelled plan and flow can be evaluated from one side to
the other side of the model by imposing convenient boundary conditions. The authors considered that using a 2D
model, is the best way for modelling dams with finger
drains, despite the fact that water flows in a three-dimensional way.
In 2D numerical models, the pressure head of reservoir is imposed at the upstream side of the model and zero
pressure head is applied at the end of the finger drains, at
the downstream side of the model, as boundary conditions.
The phreatic surface elevation is, then, assumed as the values of hydraulic head obtained by computation.
The results of small-scale tests were used to calibrate
seepage numerical models, which were based on the finite
element method. Calibrated numerical models enabled additional analyses considering physically untested scenarios.
The parameters of materials used on numerical modelling are based in characterization tests with those materials used on small-scale models and calibration of anisotropy ratio, Kz/Kx, prior to doing parametric analyses.
For stage 1 (Numerical modelling of physical model)
the procedures followed the imposition of piezometric
heads found in the small-scale model as boundary condition and Kz/Kx = 1; stage 2 (Calibration of Kz/Kx ratio for
numerical modelling) was based on the assessment of piezometric heads and comparison with those obtained in
small-scale models up to results are similar and stage 3
(Parametric analyses by numerical model) solved the simulation of drains with different lengths and spacing, using the
Kz/Kx ratio obtained in stage 2.
Considering the geometric parameters of the model, a
matrix (Table 2) of the simulation scenarios was built, by
variating the drain length and spacing between drains and
keeping unchanged the total head at the reservoir and the
model width.
The mesh of finite elements of the numerical model is
shown in Fig. 7. The model represents the horizontal section of the dam at its base. It was adopted K = 1.10 x 10-2 cm/s
0
for earth fill material and K = 2.0 x 10 cm/s for drain material. As a boundary condition, the hydraulic head equal to
47 cm was adopted at the upstream side, and a null hydraulic head was adopted at the downstream side. Moreover, the
application of elevation heads was considered in the entry
of the piezometers.
For calibrating the Kz/Kx anisotropy ratio, two-dimensional numerical analyses were performed considering
a dam with blanket drain. The Kz/Kx ratio was changed un-
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Table 2 - Matrix of modelled scenarios.
Dams

C1
50

1
2

3

4

70

100

Blanket drain
88

88

88

144

144

144

200

200

200

44

44

44

72

72

72

100

100

100

22

22

22

36

36

36

50

50

50

C1 - Drain length; S2 - Spacing between drains.

til the found results for pore-pressure were similar to those
obtained in piezometers in the small-scale test.
Figure 8 shows the phreatic line position obtained in
numerical models where the piezometric readings from the
small-scale model were applied as a boundary condition
and the phreatic line obtained from the calibrated numerical
model, considering Kz/Kx = 0.3, respectively. One can note
that phreatic lines are very similar, validating the parameter
calibration in the numerical method. The same comparison
was made for all sections of the models and the same similarity between the physical and numerical results for piezometric lines was observed.
To carry out the parametric analysis, it was sought the
Kz/Kx ratio value (0.3) that best suits the behavior of the
flow in the analyzed models for the initial configuration applied in physical modeling.

4. Method for Designing Finger Drains for
Dams
The abacuses for designing finger drains for earth
dams are shown in Fig. 9. They allow to find the relationship between the maximum total head at the upstream
and downstream ends of the finger drains and the total
head at the dam reservoir (Hmax,U /H and Hmax,D /H), considering the datum at the dam base. The input data are the ratio S/H, where S is the spacing between the drains and H
is the total head at the dam reservoir. Each abacus is associated to a C/H ratio, where C is the drain length. Abacuses were developed for the ratios C/H = 1, C/H = 1.4,
and C/H = 2.0.
Based on Fig. 10, the necessary parameters for designing the finger drains can be identified. The transverse
sections of the finger drains have a width equal to 2b and
height equal to Hf, as shown.
In case of using drainage blanket, water flow in the
finger drains can also be assessed according to two condi-
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Figure 7 - Numerical model of the hypothetical dam – Plan view.

Figure 8 - Phreatic line based on the physical model piezometer readings.

Figure 9 - Abacus to design finger drains for earth dams.
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Figure 10 - Parameters adopted in the design of the finger drain.

tions: a) phreatic line above the drain (Fig. 10b) and b)
phreatic line inside the drain (Fig. 10c). Eq. 1 to Eq.3 are
applied when the confined flow condition, inside the drain,
is assumed (Fig. 10b). Eq. 4 is used when the unconfined
flow is assumed (Fig. 10c). The designer of the drains must
choose one of these two conditions in order to obtain the
finger-drain height.
Q × FS =

b × H 2f
c

Kf

(1)

Since:
Q = q unit ( S + 2b)

(2)

then:
Hf =

q unit ( S + 2b) × C × FS
Ks × b

(3)

Hf =

2q unit ( S + 2b) × C × FS
Ks × b

(4)

and:

where Hf - Height of finger drain (m); Q - Total flow rate for
the area of influence of the drain (m3/s); qunit. - Unitary flow
3
rate for the area of influence of the drain (m /s/m); S Spacing between finger drains (m); 2b – Width of the finger
drain (m); C – Length of finger drain (m); Kf - Permeability
of draining material (m/s); FS – Safety factor, normally
adopted equal to 10.
As mentioned, each abacus presented in Fig. 9 shows
two curves featuring the relationship between the ratio
Hmax/H (maximum height of the phreatic surface between
finger drains / total height of the reservoir) and the ratio S/H
(spacing between finger drains/total height of the reservoir). Those abacuses are used for estimating the position
of the phreatic line in dams between two finger drains.
The following step-by-step procedure can be used to
estimate the piezometric heads:
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1) Define the input data concerning drain geometry; that is,
length of the drain (C), the spacing between drains (S),
and total head of the dam (H);
2) Identify the abacus which best suits the condition C/H
and, with the input data, calculate the ratio S/H. Project vertically up to the upstream pressure curve (curve
Hmax,U /H) and downstream pressure curve (curve
Hmax,D /H);
3) With the entry point of the phreatic line in the earth fill,
the head Hmax,U at the upstream end of the drain and the
head Hmax,D at downstream the end of the drain, outline
the phreatic line inside the dam.

5. Final Comments
Data obtained from the small-scale physical models
and numerical models were analyzed to assess the behavior
of finger drains in dams and better understand the threedimensional flow in these works. Based on presented work,
the following comments can be stated.
Finger drains efficiently improve internal drainage in
dams, mainly because they can be built using materials with
greater permeability than those used in blanket drains.
However, the position of the phreatic surface when finger
drains are used is higher than when blanket drains are employed.
Longer drains help to better dissipate hydraulic
heads. Thus, there is an inverse relationship between the
length of drains and the elevation of the phreatic line.
To improve the efficiency of finger drains, it is important to limit the space between drains or to increase its
drainage area.
It is recommended that the total area of finger drains
should be between 20% and 40% of the corresponding area
for the solution with conventional drainage blanket and that
the drainage capacity should be, at least, equal to the capacity of the drainage blanket. The increase in drainage capacity can be obtained using more permeable materials.
The recommended spacing between finger drains, in
order to ensure water table inside the drains, is about 40%
to 70% of the dam height.
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As the length of finger drain increases, hydraulic head
at the inner side of the drain increases. However, the difference in head between inner and outer ends of drain also increases.
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Assessment of Rate Effects in Piezocone Tests
from Poroelastic Cavity Expansion Analysis
G. Dienstmann, S. Maghous, F. Schnaid
Abstract. Cavity expansion solutions are often used in geomechanics modelling to investigate problems such as the
bearing capacity of piles or interpretation of cone and pressuremeter tests. Conceived as a simplified approach to capturing
the transient flow effects in the soil around an expanding cylinder, a non-linear poroelastic model is formulated in this
paper based on the concept of proportional poroplasticity. The latter is used to assess rate effects and associated drainage
conditions during piezocone penetration. In this context, cone tests performed in gold tailings at penetration rates ranging
from 0.1 mm/s to 57 mm/s are used to validate the proposed approach. The model predictions are directly compared with in
situ testing results in the space of normalized velocity Vh to cone resistance Q and to degree of drainage U, demonstrating
the model capability of capturing the transitions from drained to partially drained and undrained soil regimes.
Keywords: cylinder expansion, finite element analysis, in situ tests, non-linear poroelasticity, transient flow.

1. Introduction
With the growth of the mining industry, large-scale
mining operations have increased the challenge to the design of safe and economical Tailings Storage Facilities
(TSF). The exploitation of minerals, such as gold, zinc,
bauxite, produces large amounts of mine tailings which are
often in slurry form with high water content and compressibility. Recent failures (Tonglvshan Mine, China 2017;
Mariana’s Dam, Brazil 2015; Mount Polley mine, Canada
2014, to cite a few) reinforce that although there has been
significant improvement in the state of practice (e.g. Vick,
1990; Martin & McRoberts, 1999; Davies & Martin, 2000;
Fahey et al., 2002), available engineering technology for
the design, construction, operation and closure of tailing
deposits still causes important environmental impacts.
Central in the design of TSF, the geo-characterization
of tailings faces difficulties coming from the heterogeneous
nature of waste products, the hydraulic depositional processes and the change in the constitutive parameters during
the lifetime of deposits. The experience gathered in the last
20 years (e.g. Schnaid et al., 2013; Jamiolkowski et al.,
2003) shows that the deposition process often produces
tailings in the so-called intermediate permeability range of
10-5 to 10-8 m/s (silty materials). In intermediate soils, including natural clayey and sandy-silts, tailings and other
geomaterials, partially drained behavior can occur when in
situ tests as cone penetration are performed at the standardized velocity (20 mm/s), introducing errors in interpretation.

For in situ tests, partially drained effects in silty soils
(transient materials) can be and are usually evaluated considering a non-dimensional velocity Vh [e.g. Randolph &
Hope, 2004]:
Vh =

v×d
ch

(1)

where d is the probe diameter, v the loading rate and ch the
coefficient of horizontal consolidation.
The use of expression (1) is essentially based on experimental observation, in which normalized testing data
are interpreted in a space that correlates the degree of drainage U to a non-dimensional velocity parameter Vh (House et
al., 2001; Schnaid et al., 2004; Randolph & Hope, 2004;
Chung et al., 2006; DeJong et al., 2013). At the same time,
attempts have been made to develop a structured theoretical
framework to anticipate the drained conditions in intermediate permeability soils. Most of the current developments
are based on cavity expansion solutions which are recognized as useful in interpreting the response of piles (e.g.
Soderberg, 1962; Vesic, 1972; Randolph & Wroth, 1979;
Carter et al., 1979; Osman & Randolph, 2012; Yu, 2000)
and in in situ tests (e.g. Gibson & Anderson, 1961; Baligh,
1985; Teh & Houlsby, 1991; Burns & Mayne, 2002; Yu &
Mitchell, 1998) with a variety of soil stress-strain models.
Following a literature review, analytical solutions for
both spherical and cylindrical cavity expansion assuming a
Mohr-Coulomb criterion and considering the volume change in a plastic region can be found in the work of Vesic
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(1972). In Randolph & Wroth (1979) a cavity expansion
approach is used to study the pore pressure dissipation after
pile installation. Semi-analytical solutions based on critical
state models are reported by Yu & Houlsby (1991), Collins
et al. (1992), Collins & Stimpson (1994), Cao et al. (2001),
Chang et al. (2001) for the drained and undrained cylindrical expansion.
Finite element solutions can be used to analyse the
consolidation fields in a saturated porous medium under
cylindrical and spherical symmetries. One may see the
studies of Jang et al. (2003), Silva et al. (2006), Zhao et al.
(2007), LeBlanc & Randolph (2008), Xu & Lehane (2008),
Wang (2000), Jaeger et al. (2010), Jaeger (2012), Suryasentana & Lehane (2014), modelling the soil as Tresca,
Mohr Coulomb or Modified Cam-Clay under different expansion rates, capturing undrained (very fast rate) and fully
drained behaviour (very slow rate).
Aiming to analyze the consolidation and rate effects
induced by the expansion of a rigid cylinder embedded
within an isotropic elastic medium of infinite extent, a constitutive model has been formulated in Dienstmann et al.
(2017). The model is based on the local equivalence between the response of a perfectly plastic behavior to monotonic loading and an appropriate fictitious non-linear poroelastic behavior. Closed-form expressions for pore pressure
distribution were derived according to a simplified framework, while stresses and displacements are computed numerically. The theoretical features of the model are briefly
described and applied herein to the interpretation of drainage conditions during piezocone tests executed in Fazenda
Brasileiro gold TSF.

2. Problem Idealization
The analytical cylindrical cavity expansion solution
proposed and described in Dienstmann et al. (2017) is
structured as a consolidation analysis of a rigid cylinder
deeply embedded within an isotropic fully saturated poroelastic medium of infinite extent. The problem, idealized in
Fig. 1, defines that from an initial stress and pore pressure
state (s0, p0), a prescribed radial displacement of magnitude

Figure 1 - Idealized geometry and loading conditions for consolidation around an infinite expanding cylinder.
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aR is applied at the cylinder wall r = R. The influence zone
of the applied displacement is defined from R £ r £ a to
characterize the extent of the region whose poromechanical
state is no longer affected by cylinder installation and subsequent expansion (e.g. Blight, 1968; Randolph and Wroth,
1979; Osman and Randolph, 2012). This means in particular that displacement and excess pore pressure vanish at
r = a.
The soil surrounding the cylinder is modeled as a
fully saturated, isothermal poroelastic material undergoing
infinitesimal strains. In all that follows, the sign convention
of positive stress values for tension and negative stress values for compression will be adopted.
2.1. Constitutive formulation
The theoretical features of the model are based on the
local equivalence between a perfectly plastic behavior response to monotonic loading and an appropriate fictitious
non-linear poroelastic behavior. The non-linear behavior
was considered through a secant shear modulus G which
evolves with the level of strains. The model is briefly described in the sequel considering a null initial stress and
pore pressure (i.e., s0 = p0 = 0). The extension to non-zero
initial state and details of the model can be found in the
original work, Dienstmann et al. (2017).
To capture some of the non-linear features of the soil
behavior, the shear modulus G was defined by a dependence law of the form G = G(ed, ev, p), where
e d = ( e - 13 tr e):( e - 13 tr e) and e v = tr e refer respectively to
equivalent deviatoric strain and volumetric strain, and p is
the pore pressure.
Assuming a Drucker-Prager yield condition, the plasticity of the soil is described by
F( s¢) = s d + T ( s¢m - h) £ 0

(2)

where s¢ = s + p1 is the Terzaghi effective stress,
s d = ( s - 13 tr s):( s - 13 tr s) is the equivalent deviatoric
stress and s¢m = 13 tr s¢ = s m + p is the mean Terzaghi effective stress. The previous relations are defined considering a
sign convention of positive stress values for tension and
negative stress values for compression. Additionally, according to the classical poromechanics formulation, the
pore pressure (or the fluid pressure) is defined as: p = uh + u,
where uh refers to the hydrostatic pore pressure and u to the
excess pore pressure. Parameters h and T respectively characterize the tensile strength and the friction coefficient of
the Drucker-Prager yield condition, and can be derived
from Mohr Coulomb parameters, c - cohesion and f - friction angle.
Considering that the stress associated with the secant
behavior
s = s 0 + ( K - 23 G ) tr e1 + 2G e - bDp1

(3)
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meets asymptotically the above yield condition (2), that is
lim F( s¢ = s + p1) = 0

ed
e ref

(4)

®¥

where eref << 1 is a reference strain that physically represents the order of magnitude of the shear strain mobilized at
yielding.
In Eq. 3 b is the Biot coefficient, Dp defines the pore
pressure variation, G is the shear modulus and K is the bulk
modulus.
Adopting a constant value for the bulk modulus K,
and considering an approach similar to that developed in
Lemarchand et al. (2002) and Maghous et al. (2009), a simple way to meet the above condition consists in considering
the following law [Maghous et al. (2009)].
1

e
1
G ( e d , e v , p) = [ T ( h - Ke v - (1 - b) p)] ´ refe
2
1+ e d

(5)

ref

Figure 2 provides a non-linear poroelastic representation of the Drucker-Prager behavior as defined by Eq. 5.
Coming back to the expansion problem, the strains
and pore pressures mobilized must satisfy the momentum
balance equation (div Ds = 0), which should be complemented by the mechanical boundary conditions related to
the displacement x:
ìï x = aR e r at r = R
"t > 0
í
at r = a > R
ïî x = 0

(6)

The first condition in Eq. 6 implies that a radial displacement aR is imposed at the cylinder wall, while the
second condition indicates that the displacement induced
by the expansion of the rigid cylinder is null at a distance
a > R.
Due to problem symmetry, the displacement distribution can be sought in the form
x = f ( r) e r

(7)

The corresponding strain tensor reads
e = e rr e r Ä e r + e qq e q Ä e r
with e rr = f ¢( r); and e qq

( r)
=f
r

(8)

and the stress increment associated with poroelastic law is:
f ( r) ö
æ
Ds = lç f ¢( r) +
÷1
r ø
è
f ( r)
ö
æ
e q Ä e q ÷ - bDp1
+2G ç f ¢( r) e r Ä e r +
r
ø
è

(9)

The displacement function f(r) is obtained by the integration of the local equilibrium equation in projection following the radial direction, observing that
ì
æ
ï Ds rr = Kç f ¢( r) +
è
ï
í
ï Ds = Kæç f ¢( r) +
ïî qq
è

f ( r) ö 2 æ
f ( r) ö
÷ + G ç 2 f ¢( r) +
÷ - bDp
r ø 3 è
r ø
(10)
f ( r) ö 2 æ f ( r)
ö
- f ¢( r) ÷ - bDp
÷ + Gç 2
r ø 3 è
r
ø

Equation 9 can be conveniently written as
ù
f ( r) ö 2 æ
f ( r) ö
d é æ
Kç f ¢( r) +
÷ + G ç 2 f ¢( r) ÷ - bDpú
ê
dr ë è
r ø 3 è
r ø
û

(11)

f ( r) ö
2 æ
+ G ç f ¢( r) ÷=0
r è
r ø
with G = G(ed, ev, p) = G(f, p) since
ed =

2
3

f ¢( r) 2 +

f ( r) 2
r

2

- f ¢( r)

f ( r)
;
r

(12)

f ( r)
e v = f ¢( r) +
r
Equation 11 is a differential equation that couples the
skeleton displacements (function f(r)) and pore pressure
(p). The second equation for consolidation around the expanding cylinder is deduced from the solution to the fluid
flow problem.
2.2. Pore fluid problem
To obtain the pore flow component of the problem, it
is used the second poroelastic state equation
DF = b tre +

1
Dp
M

(13)

which relates the Lagrangian porosity change DF = F - F0
to the skeleton volumetric strain and pore pressure change
Eq. 13 presents the Biot parameter b and the Biot Modulus
M, and must be combined with the fluid mass balance and a
flow law (Darcy law).
Neglecting the variations of fluid density, the fluid
mass balance in infinitesimal skeleton strains is written as:
¶F
+ div q = 0
¶t

Figure 2 - Representation of the non-linear elastic behavior associated with a Drucker-Prager yield condition.
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where q is the filtration vector. The latter is connected to the
excess pore pressure u through Darcy’s law
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q = -k ×Ñu

(15)

where k denotes the permeability tensor. Considering an
isotropic medium, k = k1where k is the permeability and1is
the identity matrix.
Reporting both the second poroelastic state Eq. 13
and Darcy’s law (Eq. 15) into the fluid mass balance
(Eq. 14) yields:
b

¶tr e
¶t

+

1 ¶Dp
= kÑ 2 u
M ¶t

(16)

where Ñ stands for the Laplacian operator.
2

From the classical reasoning for a non-linear poroelastic medium, the following generalized Navier equation
can be derived (assuming irrotational displacement field)
4 ù
æ 1 ö
é
êëK + 3 G úûÑtr e + 2ÑG × çè e - 3 tr e ÷ø = bÑ ( Dp)

(17)

Equation 17, emphasizes the strong coupling between
skeleton strains and pore pressure. In classical formulations, the pore pressure is only affected by the volumetric
part ev of skeleton strains, considerably simplifying the pore
fluid flow solution. However, in the adopted solution the
pore pressure is also explicitly related to the deviatoric part
ed of skeleton strains through the shear modulus G(ed, ev, p).
In this case, determination of pore pressure distribution and
displacement field (function r ® f(r)) requires solving the
coupled system defined by the set of partial differential
Eqs. 11, 16 and 17.
A time incremental procedure has been implemented
in Dienstmann et al. (2017) to provide semi-analytical solutions to this problem. The basic idea consists in approximating, during the time interval tn £ t £ tn+1, the shear
modulus G of the medium by an equivalent mean value
G » Geq that is constant in time and space. Accordingly,
Eq. 17 reduces to
[ K + G eq ]Ñtre = bÑ ( Dp)
4
3

(18)

which can be integrated to relate tre to Dp.
Observing that when the hydrostatic pore pressure uh
turns to be constant ¶¶Dpt = ¶¶ut and following (Eq. 2)the uncoupled pressure diffusion equation can be obtained:
¶u
= cf Ñ 2u
¶t

with

c u = kM

K + 43 G eq
Mb 2 + K + 43 G eq

(19)

where cf is the fluid diffusivity coefficient. An average
shear modulus is therefore introduced for each time interval
[tn, tn+1] as:

322

a

G eq =

1
G (e d (t n ), e v (t n ), p(t n ))dr
a - R òR

(20)

The approximation G » Geq is introduced for the diffusion equation only, while the non-linear form of the shear
modulus is kept within the equilibrium equation.
The diffusion Eq. 19 together with the boundary and
initial conditions (Eqs. 21-23) defines the solution of the
hydraulic problem, which is characterized as a distribution
of excess pore pressure over the time interval [tn, tn+1].
¶u
= 0 at r = R " t Î [t n , t n + 1 ]
¶r

(21)

u = 0 at r = a " t Î [t n , t n + 1 ]

(22)

u = u( r, t n ) at t = t n " r Î [ R, a ]

(23)

Equations 21 to 23 refer to the impermeability condition of the expanding cylinder, the negligible influence of
pore pressure condition at the radius of influence, and the
initial pore pressure state at time tn, respectively. An initial
pore pressure u0 = u0(r) at t = 0 is intended to account for the
excess pore pressure produced by the rigid cylinder insertion. This point will be discussed in the next section.
The general solution to the boundary value problem
mentioned above is:
¥

u = å C *i [ wi Y0 ( a i r) - J 0 ( a i r)]e

- c f a i2 ( t - t n )

(24)

i =1

where
C

*
i

ò
=

a

R

u( r, t n )[ v i Y0 ( ar) - J 0 ( ar)]rdr

ò

a

R

[ v i Y0 ( ar) - J 0 ( ar)] 2 rdr

(25)

Functions J0 and Y0 are zero-order Bessel functions of
the first and second kind respectively. Scalar ai is the i-th
root of the following algebraic equation with respect to
variable x
Y1 ( xR) J 0 ( xa) - J1 ( xR)Y0 ( xa) = 0

(26)

where J1 and Y1 are first-order Bessel functions referring respectively to the first and second kind. Scalar wi is computed from ai as
wi = -

Y1 ( a i R)
J1 ( a i R)

(27)

From Eqs. 24 to 27 the excess pore pressure u is computed, letting the pore pressure increment be determined as
Dp = u - u0. The final expression of pore pressure distribution Dp is substituted into Eq. 11, which simplifies to be an
ordinary differential equation governing the displacement
function f(r) along time interval [tn, tn+1]. The latter function
and the corresponding strain and stress distribution are de-
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termined using an iterative numerical procedure, which can
be found in the original work, Dienstmann et al. (2017).
2.3. Initial excess pore pressure distribution
The solution developed in Dienstmann et al. (2017) is
generalized to consider initial states of stress and pore pressure different from zero, as would be expected for problems
such as pile installation and in situ tests. Expressions for
initial excess of pore pressure u0 (or equivalently p0) generated by insertion of a rigid cylinder within the medium can
be found in the literature (e.g. Morris & Williams, 2000;
Randolph & Wroth, 1979; Poulos & Davis, 1980) and have
been based on laboratory or field data. Most of collected
data have shown that the pore pressure gradients are essentially radial, and that the maximum excess pore pressure
u0,max generated by the installation process is observed close
to the cylinder (i.e., at r = R). The magnitude of the excess
pore pressure appears to decrease with the radius r measured from the cylinder axis, and becomes negligibly small
at a certain distance r = a, referred to as the initial radius of
influence. Combining hyperbolic and logarithmic distributions, a new expression has been proposed in Dienstmann et
al. (2017). It extends classical expressions to account for
the flow restriction at the cylinder wall:
u 0 ( r) = u 0 ,max

F( r)
a a a
with F( r) = 1 - + ln
F( R)
r R r

(28)

for R £ r £ a

L

Fz = ò [( s¢n + u) sin b + t cos b]2prdl

Regarding u0,max correlating a pile insertion into the
soil with a cavity expansion problem, typical solutions derived in this context (e.g. Vesic, 1972; Randolph & Wroth,
1979) suggest that u0,max can be evaluated from the stress
paths developed in undrained triaxial tests carried out until
the ultimate state (undrained strength) is attained. The excess pore pressure is thus deduced from the variation in
mean and shear stresses, leading to the following estimate
for normally consolidated soils (Vesic, 1972):
pc 0
(1 + M cs )
2

(30)

0

Expression 30 can directly be used to determine the
cone tip resistance
qc =

Fz

(31)

Sc

where Sc = pL tan b denotes the piezocone cross-section
area. In the context of cylindrical cavity expansion, it is
more convenient to express qc in terms of the radial stresses
using t = sn’tand together with the equations expressing locally the horizontal and vertical force equilibrium at any
point along the cone tip:
2

q c = s¢r

where u0,max refers to the maximum value of pore pressure
generated by cylinder insertion.

u 0 ,max =

fields. Seeking a direct comparison to in situ test as cone
penetration some considerations must be drawn. In this
context, the calculated cavity expansion limit pressures (sr
at the cylinder wall) have been converted to cone resistance
(qc) using an approach similar to that proposed by Rohani &
Baladi (1981), and used by Silva (2005) and LeBlanc &
Randolph (2008). In the approach the cone tip resistance is
estimated from the vertical projections of all forces acting
on the cone. The expression of the vertical resistive force Fz
can be calculated from the integration of stresses over the
cone tip length L (see Fig. 3):

2

tan d
1 + tan
b
tan d
1 - tan
b

+u

(32)

where b is half of the angle of the cone tip (usual value
60°/2 = 30°), d is the interface friction taken as the soil friction angle f’, sr’ and u are respectively the radial stress and
pore pressure at the expanding cylinder radius.
Figure 3 describes the idealization of stresses acting
on a small portion (dl) of the cone tip length (L).

3. Gold Tailings
The present paper describes the use of a cylindrical
cavity solution to assist the drainage behavior interpreta-

(29)

where pc0 denotes a reference initial consolidation pressure,
and Mcs is the slope of the critical state line. It should be emphasized that expression (29) implicitly assumes that cylinder installation is fast, the elapsed time between installation
and expansion is sufficiently short for pore pressures to not
dissipate, thus justifying the assumption of undrained
hydromechanical evolution of soil.
2.4. Cylindrical cavity expansion to cone resistance estimation
The cylindrical cavity expansion solution provides
expressions for stress (s), strain (e) and pore pressure (p)
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Figure 3 - Schematic illustration of stresses acting on the cone (a)
general view (b) stresses definition.
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18.94 - 19.63
0.92 -1.08
2.85 - 2.86
32.3 - 37.8

3 - 3.3

3.15
30

38.7 - 40
PZC06 to PZC08

3
40.1
PZC01 to PZC05

w (%)

Bedin (2010)

Klahold (2013) Cluster 01 and Cluster 02

30.5
0.04
2.4
2.44
0.045
19 - 19.3

20.5
1.1

18.6
1.23

e0
Gs (g/cm )

1.25- 1.3

31
0.05
2.64
2.66
0.058

33
0.045
2.34
2.39
0.048

f’
y
G
N
g (kN/m )

l

Critical state
Consolidation

3

3

Physical characterization
Region
Study

Table 1 - Gold tailings characterization.

tion of experimental data from a gold TSF located in northeast Brazil (Fig. 4). The Fazenda Brasileiro Mine includes a
producing gold mine and approximately 197,000 hectares
of adjacent exploration properties. The site is being a subject of study for the past two decades (Bedin et al., 2012,
Schnaid et al., 2013, Schnaid et al., 2016, Dienstmann et
al., 2018), with a research project including site evaluation,
field and laboratory tests.
A general view of Fazenda Brasileiro Mine is presented in Fig. 4, in which locations for the site investigations conducted in 2006, 2013, and 2016 are displayed. A
total of eleven (11) different islands of investigation were
defined, with sample collecting, and in situ tests as piezocone (conventional CPTu, and with seismic measurements
SCPTu), seismic dilatometer (SDMT) and vane tests. Previous studies have shown that the material disposed is predominantly silty sand (Fig. 5) with an average in situ solids
content (ratio of weights obtained before and after a drying
process) of about 30%, in situ water content of 35% (ratio
between water and solid weights), low to non-plastic and
3
with high specific gravity (2.89 < Gs < 3.2 g/cm ). In that respect, data referring to the gold tailings are reported in Table 1. Triaxial tests described in Bedin et al. (2012) and
Schnaid et al. (2013) allowed the critical state line CSL to
be established for tests carried out in compression and extension and sheared under monotonic loading. A highlynonlinear shape of the CSL under undrained loading was
observed indicating that the tailings exhibit severe strainsoftening with high compressibility that at low stresses may
lead to flow liquefaction.
A typical piezocone profile for tests carried out at the
standard 20 mm/s penetration rate is presented in Fig. 6 and
includes cone tip resistance qc, penetration pore pressure u2,
pore pressure ratio Bq = (u2 - uh)/(qt - sv0) - where uh is the hydrostatic pore pressure, qt is the total cone tip resistance and
sv0 is the total vertical stress - and soil behavior index IcRW,
according to Robertson and Wride (1998). The soil profile
identified by SCPTu and CPTu data, reveals a drained layer
near the surface underlain by silty soils (from 3 m to 10 m)
with IcRW (soil behavior type) values typically in the 2.0 to
3.5 range, indicating clay and silt layers where excess pore
pressures are relatively high, yielding Bq (pore pressure ratio) in the 0.3 to 0.6 range. Some thin drained layers were
detected at different penetration depths. SCPTu data indicate thin drained layers at 5 m, 6 m and 7 m.
To evaluate the effect of drainage conditions on the
piezocone (CPTu) measurements, a series of soundings
were performed at the Fazenda Brasileiro site with the penetration rates from 0.1 mm/s to 57 mm/s. Results of adjacent (2 m spacing) soundings performed at different penetration rates are presented in Fig. 7, in which values of qc, u2
and Bq are plotted against depth. Steady penetration velocity profiles of 20 mm/s and 57 mm/s are compared to one
profile carried out at variable penetration rates (labeled
“variable”). Considerable excess pore pressure Du was gen-
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erated over the entire depth interval in all tests (even for the
slowest penetration rate of 0.1 mm/s). The pore pressure is
shown to increase with increasing penetration rates, inducing maximum Bq values in the 0.6 to 0.7 range. There is no
appreciable difference in measured values of qc and u2 for
tests carried out at 20 mm/s and 57 mm/s, which appears to
indicate that tests are essentially undrained for these penetration rates.
For a better comparison with modeling, results of the
tailings database were reinterpreted in terms of a normalized resistance Q = qcnet/s’v0 and normalized pore pressure
U = Du/s’v0 plotted against a normalized velocity Vh (Eq. 1).
In this analysis qcnet = (qc - sv0) and Du = (u2 - uh). Results are
displayed in Fig. 8, from which it is possible to identify a region characterized by normalized velocities Vh in the range
of about 0.01 to 10 where partial drainage appears to occur
during cone penetration. The lowest (undrained) penetration resistance (QUD » Qmin) is of the order of 2.0, while the
drained penetration resistance (QD » Qmax) is 42.0, yielding a
drained to undrained ratio QD/QUD of about 21, which is consistent with previously reported data from Jaeger et al.
(2010) and Lehane et al. (2009). When comparing results in
terms of Q vs. Vh and U vs. Vh a slightly larger scatter is
observed from data on the U vs. Vh space, although it is possible to identify that at fully undrained conditions the normalized pore pressure Du/s’v0 ratio is of the order of 2.2,
and reduces to zero for drained penetration.
Adjusting curves in Fig. 8 are represented by empirical upper and lower limits, obtained considering a hyperbolic cosine function as suggested by Schnaid (2005):
1
æ
ö
Q = Qmin + ç a + (1 - a )
÷ ´ (Qmax - Qmin )
c
cosh(
bV
)
è
ø

(33)

Figure 5 - Fazenda Brasileiro Mine overall grading.
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where a, b and are fitting parameters, and are shown in
Fig. 8. From a practical point of view, parameter a embodies the difference between the undrained and the drained effective penetration, whereas b and c control the rate of
change from drained to undrained. These parameters are
representative of measured data in the Q vs. V space and, as
an overall trend, they also cover results plotted in the Du vs.
V space.
3.1. Modelling the gold tailings
To help understand rate effects on cone measurements, properties of gold tailings were analytically mod-

Figure 4 - Fazenda Brasileiro Mine aerial view and site investigation.
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Figure 6 - Typical piezocone profile.

Figure 7 - Values of qc u2, and Bq measured at different penetration rates.
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Figure 8 - Rate effects in the (a) Q vs. Vh space and (b) U vs. Vh space.

eled using the approach developed by Dienstmann et al.
(2017). Finite Element (FE) results from a cavity expansion
analysis in ABAQUS are additionally added to reinforce
the applicability of the analytical model. The cavity expansion simulated in Abaqus was defined according to an
axisymmetric model, with unit height and infinite extent
(classical approach, see Fig. 9). The same initial and boundary conditions used in the analytical model were adopted in
the finite element approach. For the constitutive model in
the FE analysis, the Drucker Prager combined with linear
elasticity was considered. Elements used are 8-node axisymmetric quadrilateral, biquadratic displacement, bilinear
pore pressure and reduced integration (Abaqus finite element type: CAX8RP).
Parameters used in the analysis are summarized in
Table 2, and were defined by the average values obtained
from in situ and laboratory tests. The friction angle f’ is 32°

Figure 9 - Finite-element mesh detail (not in to scale).
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and the h and T parameters from the Drucker Prager criterion are defined according to Mohr Coulomb yield surface
condition. The initial field of excess pore pressure u0(r) applied in both models is calculated from Eq. 28. The initial
stress distribution is an isotropic and uniform (in the plane
of analysis) stress field; s 0 = s 0 1 is considered along with
the subsequent simulation.
To evaluate the influence of the extension zone defined by a, the radius that defines the extension of the region affected by cylinder installation, two approaches were
considered for analysis:
• a as a function of the soil Rigidity Index (Ir): a = I r R
with Ir = 874 (defined from triaxial results, Bedin et al.,
2012), corresponding to a radius of influence of about 30
times the cylinder radius (a = 30R).
• and a defined arbitrarily as a = 10R to comply with previous studies (Vesic, 1972; Randolph & Wroth, 1979;
Osman 2010, Osman & Randolph, 2012).
Applied displacements are limited to produce maximum local strains of 10% to comply with the model small
strain assumptions Although, from a practical engineering
perspective, strain levels as high as 10% are often admitted
for geotechnical testing interpretation. It is therefore implicitly assumed that results characterized from both the
simplified model and the numerical approach are reasonable approximations for cylinder expansion, which would
be more appropriately formulated by large strains.
Results in sequence are directly displayed in the normalized velocity space combined to normalized cone tip
resistance Q/Qref and normalized pore pressure Du/ Duref,
where Qref is the maximum value of Q (Qref = Qmax) corres-
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ponding to the drained penetration, and Duref is the maximum value of mobilized pore pressure (Duref = Dumax) corresponding to undrained penetration. Field measurements are
directly compared to analytical and numerical predictions
in Figs. 10 and 11. It is important to highlight that the goal
of comparisons is not to data-fit the experimental results or
to find the parameter values that most closely match the
data. The analysis is performed by predicting results using
the set of parameters defined from independent tests, with
the aim of developing a proper understanding of the parameters controlling rate effects.
From Fig. 10 it is possible to observe that the predictions are generally able to capture the experimental trends
in the Q vs. Vh and U vs. Vh spaces, with some discrepancies. Both models, analytical and numerical, capture the
transition from drained to partially drained to undrained
regimes, but underestimate the QD/QUD measured ratio of
21. Numerical and analytical prediction in the space U vs.
Vh are shifted to the left with respect to pore pressure measurements, producing lower Vh for the onset of drained
conditions. Typical values for the transition from undrained to partially drained behavior are in the range of 1
to 10, while predictions are underestimated by at least one
log-cycle.

To assess the influence of the size of the deformable
zone, in Fig. 11 results from predictions using a = 10R are
displayed. It can be observed that a reduction of the influence zone has a significant effect on the variation of pore
pressure with time, producing acceptable comparisons of
measured and predicted rate effects.

4. Conclusions
Accurate prediction and assessment of drainage conditions during geotechnical testing is a challenging issue
for relevant interpretation of experimental data. For this
purpose, theoretical poromechanical formulations may reveal useful in the understanding of different geoengineering problems. Cavity-expansion solutions have notably
proven successful in providing valuable support for the
evaluation of bearing capacity of piles or the interpretation
of cone and pressuremeter tests. In this context, analytical
solutions have been derived for the problem of cylinder expansion within a non-linear poroelastic medium. The fully
coupled approach has been then applied to the investigation
of rate effects that arise during piezocone tests performed in
a gold tailing deposit. Field data are directly compared to
analytical predictions as well as to finite element solutions
in terms of normalized velocity vs. normalized cone tip re-

Figure 10 - Comparisons between analytical and numerical predictions to field data in tailings for a/R = 30.

Figure 11 - Comparisons between analytical and numerical predictions to field data in tailings for a/R = 10.
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Table 2 - Gold Tailings constitutive parameters.
Constitutive parameters
*

100 kPa

pc0

s 0’

-50 kPa

f; Mc ; T
**

***

32°; 0.98; 0.98

u0 max= pc0(1 + Mcs)/2

100 kPa

s 0= s 0 ’ - p

-150 kPa

gw

10 kN/m

k

1.00E-08 m/s

K

5814 kPa

eref

0.01

3

b

0.999

M

2.3 GPa

R

2.5 cm

a

10R 30R cm

*Reference consolidation pressure used to define the maximum
value of excess pore pressure u0,max.
**Mcs is the slope of the critical state line obtained directly from f.
***T is the frictional coefficient of the Drucker Prager model obtained directly from f.

sistance Q/Qref and normalized pore pressure Du/Duref. Although the ratio of the drained to undrained resistance
QD/QUD is underestimated in both models, the predictions
capture the experimental trends in the Q vs. Vh and U vs. Vh
spaces, providing relevant estimates for the transition velocity from drained to partially drained to undrained regimes. It was observed that partially drained behavior
occurs generally at normalized velocities Vh within the
range of 0.01 to 10, which is in close agreement with values
reported from experimental testing data.
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List of Symbols
a: radius of the zone of influence
a: fitting parameter for the hyperbolic cosine function
b: Biot coefficient
b: fitting parameter for the hyperbolic cosine function
Bq: pore pressure ratio
c: fitting parameter for the hyperbolic cosine function
ch: horizontal coefficient of consolidation
ch: fluid diffusivity coefficient
CPTU: piezocone test
d: probe diameter size
dl: small portion of the cone tip length
e0: initial void ratio
Fz: vertical resistive force
Gs: specific gravity
G: shear modulus
Geq: equivalent shear modulus
h: Drucker Prager tensile strength
IcRW: soil behaviour index according Robertson & Wride
(1998)
Ir: Rigidity Index
J0: zero-order Bessel functions of the first kind
J1: first-order Bessel functions of the first kind
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K: Bulk Modulus
k: permeability
k: permeability tensor
L: cone tip length
M: Biot modulus
Mcs: slope of the critical state line
p: pore pressure - hydrostatic plus excess pore pressure
p0: initial pore pressure - hydrostatic plus excess pore pressure
pc0: reference initial consolidation pressure
Q: normalized resistance
QD: drained normalized resistance
Qref: reference normalized resistance
Qmax: maximum normalized resistance
Qmin: minimum normalized resistance
QUD: undrained normalized resistance
q: filtration vector
qc: cone tip resistance
qcnet: cone tip net resistance
qt: total cone tip resistance
r: radial distance
R: cylinder radius
SCPTu - seismic piezocone test
sc: piezocone cross-section area
TSF: Tailings Storage Facilities
T: Drucker Prager friction coefficient
t: time of analysis
tn: time of analysis
tn+1: time of analysis
U: degree of drainage
u: excess pore pressure
u0: initial excess pore pressure
u0,max: maximum initial excess pore pressure
u2: penetration pore pressure (position 2)
uref: reference penetration pore pressure
umax: maximum penetration pore pressure
umin: minimum penetration pore pressure
uh: hydrostatic pore pressure
w: water content
Vh : horizontal normalized penetration velocity
n: loading rate
Y0: zero-order Bessel functions of the second kind
Y1: first-order Bessel functions of the second kind
a: radial displacement ratio
ai: i-th root of an algebraic function
b: half of the angle of the cone tip
G: specific volume of CSL (Critical State Line) at p’ = 1 kPa
g: specific weight
Du: pore pressure decay
Dumax: maximum pore pressure decay
Dumin: minimum pore pressure decay
d: interface friction
x: displacement vector
xr: radial displacement
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ed: equivalent deviatoric strain
ev: volumetric strain
eref: reference strain
e: strain matrix
err : radial strain
eqq: orthogonal strain
e r : unit vector in the radial direction
e q : unit vector in the orthogonal direction
s: total stress matrix
s¢: effective stress matrix
sd: equivalent deviatoric stress
sm: mean total stress
s¢m : mean effective stress
s¢n : effective normal pressure

332

sr: radial pressure
s¢r : effective radial pressure
sv0: total vertical pressure
s’v0: effective vertical pressure
s0: initial pressure
N: specific volume of NCL (Normal Consolidation Line) at
p’ = 1 kPa
l: slope of the NCL (Normal Consolidation Line)
F: Lagrangian porosity
f: friction angle
X: variable
vi: scalar computed from ai
y: state parameter
1: identity matrix
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Behavior of Geosynthetic-Encased Stone Columns in Soft
Clay: Numerical and Analytical Evaluations
N.R. Alkhorshid, G.L.S. Araújo, E.M. Palmeira
Abstract. The type of improvement technique that will be applied to a soil beneath an embankment depends on the nature
of the problematic soil existing at the site. Soft soils beneath embankments typically present high compressibilities and low
shear strengths. In some cases, geosynthetic-encased stone columns (GECs) have shown advantages over other solutions to
improve embankment behavior. The aim of this study is to investigate the performance of GECs by means of numerical and
analytical methods. Finite Element Analyses were conducted to evaluate the behavior of ordinary and geosyntheticencased stone columns underneath an embankment. Parametric studies were then conducted to investigate the influence of
geosynthetic stiffness, column spacing, friction angle of column material and Stress Concentration Ratio (SCR) on the performance of the columns. The results obtained have shown that there are several parameters that are of paramount importance in improving the performance of GECs, such as geosynthetics stiffness, column spacing and thickness of soft soil
layer.
Keywords: embankment, geosynthetics, settlement, soft soil, stone column, radius variation.

1. Introduction
In some cases, soil properties are not appropriate for
supporting structures such as buildings, embankments,
dams and bridges. This leads to the need for a proper
method that can be effective to improve the performance of
the geotechnical structure. The use of stone columns is a
popular solution that has been considered when dealing
with soft soils. Stone columns not only reduce settlements
but also behave like vertical drains and accelerate the consolidation process (Han & Ye, 2001).
Since the performance of ordinary stone columns is
highly dependent on the lateral confinement provided by
surrounding soil, when it comes to very soft soils (Su < 15
kPa) the application of this solution may not be feasible.
This problem can be solved by increasing lateral confinement to the column material by using geosynthetic encasement. In this context, Geosynthetic Encased Columns
(GECs) have been applied successfully in several engineering works (Raithel & Kempfert, 2002; Alexiew et al., 2005;
Araujo et al., 2009; De Mello et al., 2008; Alexiew &
Raithel, 2015; Schnaid et al., 2017).
Considering previous studies that have provided
valuable information on the performance of GECs, further
studies are still needed for a better understanding of the key
parameters in designing GECs. Besides experimental and
analytical solutions, numerical analysis can be used as a
powerful tool to investigate the performance of GECs (e.g.
Khabbazian et al., 2010; Kaliakin et al., 2012; Keykhos-

ropur et al., 2012; Alkhorshid et al., 2014; Yoo, 2015;
Mohapatra et al., 2017).
Since most of the analytical solutions have considered unit cell idealization in their procedure, this concept
and axisymmetric analyses have been adopted to assess
the influence of geosynthetic encasement on the behavior of stone columns (EBGEO, 2011; Elsawy, 2013;
Almeida et al., 2013; Hosseinpour et al., 2014; Alkhorshid, 2017).
The analytical solution presented by Barron (1948)
was focused on the behavior of the foundation system reinforced by vertical drains, discussing the dissipation of
excess pore water pressure and the rate of consolidation settlement. This solution was a basis for later studies on the
foundation reinforced by conventional and encased stone
columns (Wang, 2009; Castro & Sagaseta, 2011; Santos,
2011) considering the time-settlement behavior under consolidation process. On the other hand, some other studies
(Raithel & Kempfert, 2000; Pulko et al., 2011; Zhang &
Zhao, 2014) were also developed to evaluate the behavior
of encased stone columns and the surrounding soil which
did not consider time-dependent settlement of the foundation.
In this study, the Finite Element Method (FEM) was
used to investigate the effect of encasement on the column
beneath an embankment. The FEM predictions were then
compared with those from three analytical methods.
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respectively. The settlement at the top of column can be determined by:

2. Methods of Investigation
2.1. Analytical methods

æ
rc2
S c = çç1 2
è ( rc + Drc )

2.1.1. Raithel & Kempfert (2000) method
Raithel & Kempfert (2000) proposed an analytical
method (hereafter referred to by the code R&K) for the design of encased stone column foundations which is adopted
by the German Standard EBGEO (2011). This method was
firstly proposed by Raithel (1999) and assumes identical
settlements for both stone column and surrounding soil and
aims to predict the behavior of a single column and the surrounding soil as a whole (unit cell, Fig. 1) under long-term
drained condition when maximum value of radius variation
and settlements are obtained. As illustrated in Fig. 1b, the
load on the unit cell is shared by the column (Dsv,c) and surrounding soil (Dsv,s). In this method, the ring (geotextile)
tensile force can be calculated by:
FR = J

Drgeo
rgeo

(1)

where J is the geotextile tensile stiffness, Drgeo and rgeo are
geotextile casing radius variation and initial casing radius,

ö
÷× h
÷
ø

(2)

where rc, Drc and h are column radius, column radius variation and column length, respectively.
This method uses the load redistribution factor (E)
which represents the stress concentration on the top of the
column. As shown in Eq. 2, the settlement of the column is
a function of the column radius variation (Drc) which is dependent on the applied stress shared by the surrounding soil
(sv,B) that can be calculated by the following equation:
sv ,B =

s0 - E × s0
1-ac

(3)

where, s0, E and ac are vertical stress on the unit cell, load
redistribution factor and area replacement ratio, respectively. The area replacement ratio can be determined by:
ac =

Ac
AE

(4)

where, Ac and AE are column and unit cell area, respectively.

Figure 1 - Unit cell idealization: (a) unit cell under the embankment and (b) unit cell calculation model (Raithel & Kempfert, 2000).
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On the other hand, the settlement of the surrounding
soil is also a function of sv,B and consequently dependent on
E. Thus, by equalizing the settlement of the column and the
surrounding soil (Sc = SB), E can be found by some iteration
process. When E is determined, the column radius variation
can be calculated.
2.1.2. Pulko et al. (2011) method
The method proposed by Pulko et al. (2011), (hereafter referred to by the code PEA) is an extension of the elastic analysis proposed by Balaam & Booker (1985) and
Raithel & Kempfert (2000) and considers elastoplastic behavior of the column material considering confined column
yielding based on the dilatancy theory presented by Rowe
(1962). In this method the vertical deformations at the top
of the column and the surrounding soil are also assumed to
be equal. The shear stress along the column/soil interface is
neglected. Furthermore, the soil is considered to remain
elastic and the column is supposed to behave as a perfectly
elastoplastic material satisfying the Mohr-Coulomb failure
criterion. Additional information on the method is presented by Pulko et al. (2011).

XIS 2D (Brinkgreve & Vermeer, 2014). The column was
entirely buried in the surrounding soil with its tip resting on
a rigid layer at the bottom. The soft clay was modelled by
the HS model (Gäb & Schweiger, 2008) and the embankment and the column were modelled using Mohr-Coulomb
model assuming typical values of properties of these materials. The properties of the soft clay, stone column and embankment are shown in Table 1.
The geosynthetic material was modelled as a linear
elastic material (the same assumption was adopted in all
three analytical methods). The boundary conditions of the
unit cell (Fig. 2) allow deformations along the vertical direction only. The vertical and horizontal displacements at
the base of the unit cell were restrained.

2.1.3. Zhang & Zhao (2014) method
Zhang & Zhao (2014) developed an analytical
method (code Z&Z) for the design of conventional and
geotextile encased stone columns. The method adopts the
unit cell idealization and considers the column as an elastic
material. The column is divided from top to bottom into i
(i = 1, 2,..., n) sections. For each section there is a unique
settlement and radius variation. The total settlement is the
sum of the settlements obtained in each section. Comparing
to Raithel & Kempfert (2000), this method takes into account the shear stress between the soil and the column considering settlement inequality at the top of the column and
of the surrounding soil. More details on the method are presented by Zhang & Zhao (2014).
2.2. Numerical modelling (PLAXIS 2D)

Figure 2 - Axisymmetric unit cell model and boundary condition.

Table 1 - Material parameters in FE model.
Material
properties
gsat (kN/m )
3

2.2.1. Hardening Soil (HS) model
The Hardening Soil (HS) model (available in PLAXIS 2D) is a development on Mohr-Coulomb model, created by linking non-linear elastic and elastoplastic models,
also known as hyperbolic elastoplastic model. HS is able to
model the double stiffening performance of soil, which is
not influenced by the compressive yield or shear failure.
This model can simulate the stress dependency of soil stiffness but does not take into account soil secondary compression and stress relaxation. Additional information about
this model is presented by Schanz et al. (1999).
2.2.2. Axisymmetric model
The behavior of GECs and soft clay unit cell under
axisymmetric conditions (Fig. 2) was modeled using PLA-
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Soft clay
Hardening
Soil (HS)

Stone column

Embankment

Mohr-Coulomb Mohr-Coulomb
(MC)
(MC)

16

19

22

-

45000

42000

j’ (°)

23

39

35

y (°)

0

5

0

E’ (kPa)

c’ (kPa)
v’
E50ref (kPa)
ref

7

0

6

0.2

0.3

0.33

2313

-

-

Eoed (kPa)

1850

-

-

Eurref (kPa)

6938

-

-

0.6

0.37

0.43

m (power)

1

-

-

Pref (kPa)

100

-

-

1

-

-

K0

OCR

335

Alkhorshid et al.

3. Comparisons Between Predictions by Fem
and Analytical Methods
Comparisons between results from the four cited
methods (Finite element, R&K, PEA and Z&Z) were carried out for the analysis of an embankment reinforced with
GECs distributed in a square pattern. In the validation
model, the radius of the columns within the unit cell, rc, was
equal to 0.4 m (typical for GECs, Alexiew et al., 2005), radius of the influence area of the column re = 1.4 m, diameter
2
ratio (N = re/rc) equal to 3.5, area replacement ratio (a = rc /
2
re ) equal to 8.16%, column length (lc) and unit cell height
(Hs) both equal to 10 m, height of embankment (Hemb) equal
to 10 m, and geosynthetic tensile stiffness (J) equal to
2000 kN/m (EBGEO, 2011).
Zhang & Zhao (2014) pointed out that in case of large
deformations, the method Z&Z may not provide appropri-

ate results. In order to minimize this issue, in the present
study the calculation procedure was changed so that the
column was assumed to be as a whole, not in sections. For
i = 1, the maximum value of radius variation (Drc,max z = 0)
and then the vertical strain of the column (ezc) were determined. Then, the ezc was multiplied by the entire length of
the column (lc). For small level of deformation this procedure may not provide appropriate results.
As shown in Fig. 3a and Table 2, the settlements estimated by R&K and Z&Z are in good agreement with those
of FEM. The maximum values of radius variation under
different embankment heights estimated by R&K (Fig. 3b
and Table 3) show good agreement with those of FEM. On
the other hand, PEA and Z&Z led to underestimation and
overestimation of the radius, respectively. The maximum
values of radius variation from Z&Z, up to an embankment
height of 3 m, are closer to those of FEM. For PEA, the re-

Figure 3 - Settlement behavior of GECs under embankment loading: (a) vertical settlement of the column from FE and analytical methods; (b) variation of column radius; (c) vertical settlement of column for different values of N.
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sults present significant differences for any height of embankment. Figure 3c presents settlement at the top of the
column for different values of diameter ratio, N, where it
can be seen that the results from R&K and Z&Z also compare better with FEM predictions than PEA.
Table 2 - Settlement at the top of the column considering different
methods (m).

4. Parametric Study
The effects of geosynthetic encasement, column radius of influence, unit cell heights and friction angle of the
stone column material (jc) on the behavior of the column
were investigated by a parametric study comparing FEM
with analytical methods. The parameters used in parametric
study are given in Table 4.
4.1. Settlement and radius variation of GECs

Method

Embankment height (m)
2m

6m

8m

10 m

FEM

0.2

0.515

0.637

0.747

R&K

0.213

0.536

0.652

0.749

PEA

0.089

0.37

0.51

0.65

Z&Z

0.182

0.492

0.626

0.748

Geosynthetic encasement provides a confinement
around the column that reduces radius variation (Drc). Figure 4a and Table 5 show the maximum value of radius variation versus geosynthetic tensile stiffness for the same
properties and characteristics adopted in the comparison
between FEM and predictions from analytical methods.
Comparing the results from analytical methods with those

Figure 4 - Radius variation: (a) Maximum value of radius variation versus geosynthetic stiffness by different methods (FEM, R&K,
PEA, and Z&Z); (b) maximum value of radius variation versus geosynthetic stiffness using FEM for different values of N; (c) maximum
value of radius variation versus different embankment heights using FEM with different values of N and (d) maximum value of radius
variation versus different embankment heights using different values of friction angle of the column.
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Table 3 - Maximum value of radius variation of the column
(Drc,max) considering different methods (mm).
Method

Embankment height (m)

Table 4 - Parameters used in the parametric studies.
Parameters

Values

Geosynthetic stiffness, J (kN/m)

0-4000

2m

6m

8m

10 m

Diameter ratio, N (-)

FEM

5.74

13

16.15

18.6

Height of unit cell, Hs (m)

5, 10, 15

R&K

5.9

14.7

18.3

21.4

Friction angle of column material, jc (°)

35, 40, 45

PEA

2.55

7.64

10.18

12.73

Z&Z

6.5

17.1

21.3

25.17

from FEM (just for encased column), the overall deviations
of R&K predictions are considerably less than those of
PEA and Z&Z. The minimum and maximum deviations of
R&K were equal to 1.5% (for J = 1000 kN/m) and 24% (for
J = 4000 kN/m), respectively. On the other hand, PEA and
Z&Z presented higher values of maximum deviations reaching 38% (for J = 500 kN/m) and 36% (for J = 4000 kN/m),
respectively. The average deviation of Z&Z (23.8%) was
less than that of PEA (33.8%). Another parameter that affects radius variation value is the diameter ratio (N).
By increasing N for the same value of rc, the area replacement ratio (a) decreases and the maximum value of
radius variation increases. As shown in Fig. 4b, the geosynthetic tensile stiffness significantly influences column
radius variation.
Figure 4c shows column radius variation versus embankment height for different values of N and J = 2000 kN/m.
The results also show the significant influence of N on column radius variation. In Fig. 4d the maximum value of radius variation is plotted against different embankment
heights for different column soil friction angles. Radius

2.5, 3.5, 5

Table 5 - Maximum value of column radius variation (Drc,max) for
different methods (mm).
Method

Tensile stiffness, J (kN/m)
500

1000

2000

4000

FEM

28.22

24.32

18.6

13.24

R&K

26.5

24.7

21.4

16.4

PEA

17.42

15.52

12.73

9.37

Z&Z

31.19

28.65

24.2

18.1

variation increases as soil friction angles decreases. As
shown in Fig. 3 and also in Figs. 4c-d, predicted values of
settlement and maximum radius variation are significantly
influenced by the embankment height. By increasing the
vertical stress at the top of the unit cell, the settlements and
column radius variations increase markedly. However, using lower values of N improves the performance of the column. Alternatively, increasing the value of the friction
angle of the column, reduces deformations of the column.
Figure 5a-c show tensile force versus depth ratio
(h = depth/rc) for different values of geosynthetic tensile

Figure 5 - Tensile force versus depth ratio for different geosynthetic stiffness; (a) Tensile force for J = 500 kN/m, (b) Tensile force for
J = 2000 kN/m, (c) Tensile force for J = 4000 kN/m.
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stiffness. Predicted values of tensile force indicate that, as
tensile stiffness of geosynthetic increases, radius variation
reduces at any depth along the column. In addition, increments of J values do not influence significantly the depth of
the maximum value of radius variation. Several studies
have shown this depth varies between 1.5 to 3 column diameters (Ali et al., 2012; Hong et al., 2016; Alkhorshid,
2017). Comparing the results of both numerical and analytical studies indicate that R&K, from depth ratio of almost 5
and beyond underestimated the results while PEA presented better estimates. It is important to consider that R&K
provides more accurate predictions of the maximum tensile
force. Finally, it is possible to observe that the curves have
completely different trends and this is because of the better
accuracy of the Finite Element Method, whereas the analytical methods have to adopt some simplifying assumptions.
Similar variations in tensile forces along the column length
were also observed in other studies (Gniel & Bouazza,
2009; Pulko et al., 2011; Almeida et al., 2013).
The results, presented in Fig. 6a, clearly indicate the
importance of the unit cell height on the column behavior.
The geosynthetic tensile stiffness is also important in the
reduction of column settlements. In Fig. 6b, the vertical settlement at the top of the column due to an embankment
height of 10 m is plotted versus different values of J. The
results indicate that at any value of J, the minimum settlement is obtained for higher friction angle. The lowest values of settlement are obtained for jc = 45°.
4.2. Influence of geosynthetic stiffness on Stress
Concentration Ratio (SCR)
The stress concentration ratio (SCR) is defined as the
ratio between the vertical stress supported by the column

(qc) and that supported by surrounding soil (qs),
(SCR = qc/qs). SCR basically depends on the geosynthetic
tensile stiffness, physical properties of soil, column materials and distance between adjacent columns, that may be arranged in triangular, square or hexagonal patterns. As
shown in Figs. 7 and 8, the greater the geosynthetic stiffness, the higher additional confinement along the column
length which results in supporting larger shares of vertical
stress. This means that for higher values of J, geosynthetic
encasement produces greater values of SCR, depending on
tensile stiffness. Figure 7 shows the effective stress distributions as cross marks. When it comes to the conventional
column, these cross marks in the surrounding soil are visibly greater than those for the encased column, which means
that a higher share of vertical stress goes to surrounding
soil. The SCRs predicted by means of FEM and analytical
analyses show that R&K results take a different trend for
higher values of J, whereas PEA and Z&Z results are closer
to those of FEM (Fig. 9a). There is almost a unique agreement between PEA and Z&Z on SCR.
The influence of N values is shown in Fig. 9b. As it
can be seen, higher N values lead to lower SCR values and
also the difference between SCRs for higher values of J is
greater. As shown in Fig. 9c, the friction angle of column
(jc) can affect SCR, because higher values of jc make the
column capable of sustaining higher vertical stresses.
4.3. Influence of geosynthetic stiffness on maximum
tensile force
As cited in this study, vertical stress on top of the unit
cell causes settlement and radius variation of the column.
The radius variation causes a ring tensile stress in the geosynthetic encasement. Tensile force is a function of geo-

Figure 6 - Vertical settlement at the top of the column: (a) vertical settlement versus embankment heights (b) vertical settlement versus
geosynthetic stiffness.
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Figure 7 - Effective stress distribution: (a) ordinary stone column;
(b) encased stone column (J = 2000 kN/m).

Figure 8 - Radius variation of column versus vertical stress on
column.

Figure 9 - Stress Concentration ratio (SCR): (a) Predicted SCRs by means of FE and analytical methods; (b) influence of N values on
SCR by FE analysis; (c) influence of jc on SCR by FE analysis.
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Figure 10 - Maximum tensile force (Tmax): (a) predicted values of Tmax by FE and analytical analyses; (b) effect of N values on Tmax; (c) effect of friction angle on Tmax.

5. Conclusions

• Among the three methods analyzed, the results of R&K
generally show a better agreement with those of FEM,
comparing with PEA and Z&Z;
• The greater the values of geosynthetic tensile stiffness
(J), the smaller the value of radius variation along the
column length. However, greater values of J do not affect the depth of the maximum value of radius variation;
• The settlements at the top of the column with higher values of J, are evidently less than those for lower values of
tensile stiffness;
• By decreasing diameter ratio (N), the settlement, radius
variation and tensile force of the column decrease and alternatively SCR increases.

In this study a series of finite element and analytical
analyses for evaluating the performance of GECs was carried out. In addition, the results of FEM and analytical
methods were compared in order to investigate the capability of the analytical methods to predict the behavior of
geosynthetic-encased column. The following conclusions
were developed:

• Friction angle of column material (jc) can play an important role in the performance of GECs. At identical J,
higher values of jc increase SCR and, then again, higher
values of jc decrease settlement and tensile forces in the
column.
• Except at the depth of maximum tensile force, the predicted values of tensile force along the column indicate
that PEA is in closer agreement with those from FEM.

synthetic stiffness (J), radius of column (rc) and radius
variation (Drc). Figure 10a shows predicted maximum tensile forces (Tmax) by FEM and by the analytical methods.
The agreement between FEM and R&K is satisfactory for
values of J up to 2000 kN/m. PEA and Z&Z produce higher
rates of deviation from FEM results. The result of FEM
analyses for different N values (Fig. 10b), shows that for
lower values of N, the geosynthetic encasement presents
lower values of Tmax. As shown in Fig. 10c, friction angle of
column material (jc) may cause slight differences in the
values of Tmax.
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However, R&K underestimated the results at some
depths.

Acknowledgments
The authors would like to thank the following institutions for their support in the research activities described in
this paper: Brazilian National Council for Scientific and
Technological Development (CNPq), CAPES - Brazilian
Ministry of Education, Universidade de Brasília and Universidade Federal de Itajubá.

References
Alexiew, D. & Raithel, M. (2015). Geotextile-Encased
Columns: Case Studies over Twenty Years. In: B. Indraratna, J. Chu, & C. Rujikiatkamjorn (eds) Ground
Improvement Case Histories. Elsevier, Oxford,
pp. 451-477.
Alexiew, D.; Brokemper, D. & Lothspeich, S. (2005). Geotextile Encased Columns (GEC): Load capacity, geotextile selection and pre-design graphs. Geo-Frontiers
Congress 2005. January 24-26, Austin, Texas, United
States: ASCE.
Ali, K.; Shahu, J.T. & Sharma, K.G. (2012). Model tests on
geosynthetic-reinforced stone columns: a comparative
study. Geosynthetics International, 19(4):433-451.
Alkhorshid, N.R. (2017). Analysis of Geosynthetic Encased Columns in Very Soft Soil. PhD Thesis, Departamento de Engenharia Civil e Ambiental, Universidade de Brasília, 128 p.
Alkhorshid, N.R.; Nalbantoglu, Z. & Araujo, G.L. (2014).
3D analysis of full scale stone column reinforced soft
clay: Numerical Evaluation. Proc. XVII Congresso
Brasileiro de Mecânica dos Solos - Cobramseg, Goiânia, Brasil.
Almeida, M.S.S.; Hosseinpour, I. & Riccio, M. (2013). Performance of a geosynthetic-encased column (GEC) in
soft ground: Numerical and analytical studies. Geosynthetics International, 20(4):252-262.
Araujo, G.L.; Palmeira, E.M. & Cunha, R.P. (2009). Behaviour of geosynthetic-encased granular columns in
porous collapsible soil. Geosynthetics International,
16(6):433-451.
Balaam, N.P. & Booker, J.R. (1985). Effect of stone column yield on settlement of rigid foundations in stabilized clay. International journal for Numerical and Analytical Methods in Geomechanics, 9(4):331-351.
Barron, R.A. (1948). Consolidation of fine-grained soils by
drain wells. Trans. Am. Soc. Civ. Engrg, 113:718-742.
Brinkgreve, R.B. & Vermeer, P.A. (2014). PLAXIS: Finite
Element Code for Soil and Rock Analysis. Balkema,
Rotterdam.
Castro, J. & Sagaseta, C. (2011). Deformation and consolidation around encased stone columns. Geotextiles and
Geomembranes, 29(3):268-276.

342

De Mello, L.G.; Mondolfo, M.; Montez, F.; Tsukahara,
C.N. & Bilfinger, W. (2008). First use of geosynthetic
encased sand columns in South America. Proc. 1st
Pan-American Geosynthetics Conference, pp. 13321341.
EBGEO. (2011). Recommendations for Design and Analysis of Earth Structures Using Geosynthetic Reinforcements. Essen-Berlin: Germany: Geotechnical Society
(DGGT), Ernst & Sohn.
Elsawy, M.B. (2013). Behaviour of soft ground improved
by conventional and geogrid-encased stone columns,
based on FEM study. Geosynthetics International,
20(4):276-285.
Gäb, M. & Schweiger, H.F. (2008). Numerical analysis of a
floating stone column foundation using different constitutive models. Second International Workshop on Geotechnics of Soft Soils, CRC Press, pp. 137-142.
Gniel, J. & Bouazza, A. (2009). Improvement of soft soils
using geogrid encased stone columns. Geotextiles and
Geomembranes, 27(3):167-175.
Han, J. & Ye, S.L. (2001). Simplified method for consolidation rate of stone column reinforced foundations.
Journal of Geotechnical and Geoenvironmental Engineering, 127(7):597-603.
Hong, Y.S.; Wu, C.-S. & Yu, Y.-S. (2016). Model tests on
geotextile-encased granular columns under 1-g and undrained conditions. Geotextiles and Geomembranes,
44(1):13-27.
Hosseinpour, I.; Riccio, M. & Almeida, M.S.S. (2014). Numerical evaluation of a granular column reinforced by
geosynthetics using encasement and laminated disks.
Geotextile and Geomembrane, 42(4):363-373.
Kaliakin, V.N.; Khabbazian, M. & Meehan, C.L. (2012).
Modelling the behavior of geosynthetic encased columns: Influence of granular soil constitutive model. International Journal of Geomechanics, 12(4):357-369.
Keykhosropur, L.; Soroush, A. & Imam, R. (2012). 3D numerical analyses of geosynthetic encased stone columns. Geotextile and Geomembrane, 35:61-68.
Khabbazian, M.; Kaliakin, V.N. & Meehan, C.L. (2010).
Numerical study of the effect of geosynthetic encasement on the behaviour of granular columns. Geosynthetics International, 17(3):132-143.
Mohapatra, S.R.; Rajagopal, R. & Sharma, J. (2017). 3-Dimensional numerical modeling of geosynthetic-encased granular columns. Geotextiles and Geomembranes,
45(3):131-141.
Pulko, B.; Majes, B. & Logar, J. (2011). Geosyntheticencased stone columns: Analytical calculation model.
Geotextiles and geomembranes, 29(1):29-39.
Raithel, M. (1999). Zum Trag- und Verformungsverhalten
von geokunststoffummantelten Sandsäulen. Kassel,
Germany, Heft 6.: In: Schriftenreihe Geotechnik. Universität Gesamthochschule Kassel.

Soils and Rocks, São Paulo, 41(3): 333-343, September-December, 2018.

Behavior of Geosynthetic-Encased Stone Columns in Soft Clay: Numerical and Analytical Evaluations

Raithel, M. & Kempfert, H.G. (2000). Calculation models
for dam foundations with geotextile coated sand columns. Proc. International Conference on Geotechnical
and Geological Engineering, Melbourne.
Raithel, M.; Kempfert, H.G. & Kirchner, A. (2002). Geotextile-Encased Columns (GEC) for foundation of a
dyke on very soft soils. Proc. Seventh International
Conference on Geosynthetics, pp. 1025-1028.
Rowe, P.W. (1962). The stress-dilatancy relation for static
equilibrium of an assembly of particles in contact. Proceedings of the Royal Society, pp. 500-527.
Santos, C.T. (2011). Rational Analysis of Consolidation in
Geosynthetic Encased Columns Foundation System.
PhD Thesis, Instituto Tecnológico de Aeronáutica,
304 p.
Schanz, T.; Vermeer, P.A. & Bonnier, P.G. (1999). The
hardening soil model: Formulation and verification. Beyond 2000 in computational geotechnics. In: 10 years of
PLAXIS. Balkema, Rotterdam, pp. 1-16.
Schnaid, F.; Winter, D.; Silva, A.E.; Alexiew, D. & Kuster,
V. (2017). Geotextile encased columns (GEC) used as
pressure-relief system. Instrumented bridge abutment
case study on soft soil. Geotextiles and Geomembranes,
45(3):227-236.
Wang, G. (2009). Consolidation of soft clay foundations reinforced by stone columns under time-dependent loadings. Journal of Geotechnical and Geoenvironmental
Engineering, 135(12): 1922-1931.
Yoo, C. (2015). Settlement behavior of embankment on
geosynthetic-encased stone column installed soft

Soils and Rocks, São Paulo, 41(3): 333-343, September-December, 2018.

ground - A numerical investigation. Geotextiles and
Geomembranes, 43(6):484-492.
Zhang, L. & Zhao, M. (2014). Deformation analysis of
geotextile-encased stone columns. Int. J. Geomech,
15(3):1-10.

List of Symbols
Hemb = height of embankment
Hs = length of unit cell
J = tensile modulus of geotextile
SCR = stress concentration ratio
q = total applied stress
qc = applied stress shared by column
qs = applied stress shared by soil
rc = radius of column
re = radius of zone of influence of column cylinder
a = area replacement ratio
Drc = lateral bulging of column
erc = radial strain of column
gsat = saturated unit weight
E’ = drained elastic modulus
Eoedref = oedometric modulus of soft soil
ref
E50 = secant modulus/triaxial modulus of soft soil
ref
Eur = unload-reload modulus of soft soil
c’ = effective cohesion
j’ = drained frictional angle
m = power of stress dependency of stiffness
y = dilatancy angle
n’ = effective Poisson’s ratio
K0 = lateral earth pressure coefficient
OCR= overconsolidation ratio
ref
P = reference mean stress

343

On the Compatibility and Theoretical Equations for Mixtures
of Tropical Soils and Bentonite for Barrier Purposes
T.L.C. Morandini, A.L. Leite
Abstract. Vast regions of the globe are covered by tropical soils, increasing the perspective of using them for barrier
design at solid/liquid disposal facilities. They comprise diverse pedological taxonomies, but have common features,
specially the dominant mineral composition of quartz, kaolinite clay and Fe-Al-Mn oxides/hydroxides. Despite the vast
occurrence, sometimes tropical soil samples may not be suitable for barrier purposes, which can be overcome using
bentonite as additive, provide that technical evaluations are adopted. An important technical issue to be addressed is the
compatibility between the barrier materials and the liquids to be disposed. Compatibility studies usually involve laboratory
testing using direct and indirect methods, which were involved in this research. The indirect studies involved modified
Atterberg limits and the direct approach was developed using direct permeation. The tropical soil samples were selected to
be in different weathering stages, considering the laterization degree. The chosen bentonite content to compose the
mixtures was 3, 6, 9 and 12% on a dry weight basis. The elected chemical solutions for these studies were: calcium chloride
(CaCl2), nitric acid (HNO3), sodium hydroxide (NaOH), ethanol (C2H5OH) and tap water. As a summary, the main research
objectives were: (1) comparison between direct and indirect methods for compatibility evaluation; (2) assessment of the
influence of the bentonite content on the compatibility of tropical soil samples; (3) investigation of the influence of the
laterization degree on compatibility and (4) evaluation of theoretical equations to predict the compatibility of these samples
through back analysis. The results indicate that: indirect and direct methods are similar from a qualitative point of view;
bentonite is more sensitive to chemicals than the natural soil components; the laterization degree is not so influent on the
compatibility and good compatibility predictions were obtained with the proposed theoretical equations.
Keywords: bentonite, clayey barriers, compatibility predictions, modified Atterberg limits, theoretical equations, tropical soils.

1. Introduction
Tropical soils cover approximately 2.5 billion hectares on the globe (IBGE, 2005), a number that alone demonstrates the great potential of these materials for civil
construction. They result from intensive weathering and
pedological processes, mainly laterization, driven by the
hot and humid climate of the tropics (Van Breemen &
Buurman, 2003). Laterization leads to peculiar mineralogy,
mainly composed of quartz, kaolinite and Fe-Al-Mn oxides/hydroxides, standing on a very loose and porous structure.
The similarity in terms of mineralogical composition
of tropical soil samples is not reflected by their variety of
pedological classifications, as showed by the taxonomies
presented on Table 1. Since these terms are not familiar to
the geotechnical community, precious information is often
neglected in the engineering practice.
Nogami & Vilibor (1995) have drawn the attention of
the geotechnical community to the potentiality of the pedologic taxomies for used in pavement works. Having the
laterization degree and grain size distribution as the main
attributes, they proposed the MCT (Miniature, Compacted,

Tropical) Classification SystemP for pavement purposes,
which has been successfully applied in Brazil for decades.
This system is based on the results of the laboratory
compaction test Mini-MCV (Moisture Condition Value)
and the weight loss by immersion in water. The main soil
orders of the MCT system refers to sandy, clayey, lateritic
and non-lateritic soil specimens. Usually, the lateritic character is favorable for compaction. Later, Vertamatti (1998)
introduced a transitional order between the lateritic and
non-lateritic soils, calling the new system MCT-M, which
will be used later in this study.
Sometimes, however, the decrease in hydraulic conductivity (k) induced by compaction may not be sufficient
for barriers, as pointed out by Lukiantchuki & Esquivel
(2010). In these cases, the use of bentonite as admixture is
interesting, considering the well-known ability of this clay
to reduce hydraulic conductivity and increase sorption (e.g.
Ebina et al., 2004; Akbulut & Saglamer, 2004; Osinubi &
Nwaiwu, 2006; Osinubi et al., 2009; Morandini & Leite,
2013; Akcanca & Aytekin, 2014; Morandini & Leite,
2015a).
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Table 1 - Pedologic orders of tropical soils according to different taxonomies (Source: Morandini & Leite, 2015a).
Brazilian Soil Classification System

WRB/FAO

U.S. Taxonomy

Latosols

Ferralsols

Oxisols

Claysols

Lixisols

Ultisols

Acrisols
Nitisols
Plintosols

Alisols

Oxisols / Ultisols

Nitisols

Oxisols / Ultisols

Plinthosols

Oxisols

Another important issue for barrier design is the capacity of the compacted clay liner (CCL) to maintain its
properties after contacting with the different contaminant
fluids to be disposed. For instance, these contaminant solutions may involve municipal solid waste leachate, urban
sewage, effluents from industrial and mining activities and
others. This capacity is called “liner compatibility”, which
is very important for the long term performance of the barrier.
It is clear that compatibility depends upon complex
soil-fluid interactions, which are not easy to identify and
understand. So, most of the methods for investigating compatibility aim to recognize the changes in the mechanical
properties of the soil specimens, instead of identifying specific “solid-fluid” reactions that take place mainly at the
microscopic scale.
Laboratory works on compatibility are often classified as “indirect” and “direct” methods (Shackelford,
1994). The indirect methods investigate the changes in soil
index properties, such as Atterberg Limits, for instance, after contact with the aggressive fluids that will be disposed.
It only gives a perspective of the soil compatibility, once
the “direct properties” of the soil that are involved in the
barrier performance are not directly evaluated, such as hydraulic conductivity, swelling potential, shear strength and
others.
Examples of the application of indirect methods for
clays (bentonite and kaolinite) and tropical soils, using different chemical solutions (organic, saline, acid and alkaline), can be found on Bowders & Daniel (1987), Budhu et
al. (1990), Egloffstein (2001), Farnezi & Leite (2007),
Bouazza et al. (2007) and Katsumi et al. (2008). These authors have used modified Atterberg limits and/or free
swelling tests for evaluating compatibility, finding a reduction in the plasticity as well as in the swelling potential of
the clays, particularly when saline solutions and concentrated organic solutions with low dielectric constant were
percolated. They have also concluded that the liquid limit
was more sensitive than the plastic limit, and divalent ions
had preference over monovalent ions. Most of these conclusions were consistent with the expected effect of the reduction in the double-layer thickness of clay particules, as
pointed out by Mitchell (1993).
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Direct studies, in turn, evaluate the changes induced
by the contaminant liquids in properties that will be directly
involved in the barrier performance. They certainly provide
a more realistic scenario of what the barrier will face in the
field, as pointed out by Budhu et al. (1990), Shackelford
(1994), Shackelford et al. (2000) & Kinsela et al. (2010).
Nevertheless, percolating soil with chemical solutions is
not always feasible, since the laboratory testing apparatus
must resist corrosion and other possible damage caused by
the chemicals from the contaminant solutions. As most of
the ordinary equipment found in conventional geotechnical
laboratories may not support these solutions, direct percolation sometimes is restricted.
Interesting reports on the direct percolation of chemical solutions on clayey soil samples can be found in Stewart
et al. (2003), Sunil et al. (2006 & 2009), Nayak et al.
(2007), Katsumi et al. (2008) and Kinsela et al. (2010).
Those papers have demonstrated that organic and salty solutions, as well as actual and synthetic leachates have reduced the plasticity and increased the hydraulic conductivity of the studied soil samples.
Morandini & Leite (2015a,b) describe the modifications imposed to tropical soils, a result of the bentonite addition, in terms of hydraulic conductivity and shear
strength, respectively. The studied soil samples were lateritic, transitional and non-lateritic specimens of tropical
soils according to the MCT-M system (Vertamatti, 1998),
using bentonite proportions of 0, 3, 6, 9 and 12% (dry
weight basis) to compose mixtures. Laboratory works have
included: 1) mineralogical, geotechnical and chemical characterization; 2) estimation of hydraulic conductivity (flexible-wall permeameter); 3) shear strength and 4) direct and
indirect compatibility. The findings of the items 1 through 3
have been described by Morandini & Leite (2015a,b),
while compatibility (item 4) is treated in the present paper.
So, direct and indirect compatibility studies were performed using the following chemical solutions: calcium
chloride (CaCl2), nitric acid (HNO3), sodium hydroxide
(NaOH), ethanol (C2H5OH) and tap water. As a summary,
the research objectives of this specific study were: (1) comparison between direct and indirect methods for compatibility evaluation; (2) assessment of the influence of the
bentonite content on the compatibility of tropical soil sam-
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ples; (3) investigation of the influence of the laterization
degree on the compatibility and (4) evaluation of theoretical equations to predict the compatibility of these samples
through back analysis.

2. Theorectical Propositions
As mentioned before, in spite of the variety of the
pedological orders of the tropical soils showed on Table 1,
their mineralogical composition is dominated by quartz,
kaolinite and Fe-Al-Mn oxides/hydroxides. The concentration of oxides/hydroxides can be part of the parental rock
heritage, but it is also related to the stage of the weathering
process (mainly hydrolysis) and pedological evolution.
In terms of electrical charges, the clay fraction of
tropical soils is a mix of permanent charged minerals
mainly provided by the kaolinite clay, with variable
charged solids, such as Fe-Al-Mn oxide/hydroxide (Yong
et al., 1992 and Yu, 1997). Most of the permanent charges
of the kaolinite are negative and result from isomorphic
substitution and lattice breaking at the mineral genesis
(Yong et al., 1992). The variable charges, in turn, are related to the specific sorption of the radicals H+ and OHfrom the water molecule breaking, mainly controlled by
the pH conditions of the soil solution (Grim, 1968 and Yu,
1997).
The constant charge density (sp) at the midpoint distance between two clay particles on the clay-electrolyte
system can be modeled by Eq. 1 (Mitchell, 1993), where ci0
3
is the ionic concentration (ions/m ), zi the ionic valence, e
the electric charge (1.602 x 10-9 Coulomb), y the electric
-23
-1
potential, k the Boltzmann constant (1.38 x 10 JK ) and T
the absolute temperature (in Kelvins). Equation 1 is usually
referred as the Guy-Chapman model (Mitchell, 1993) and
can be used also on the estimation of variable charge density of variable charge soils (sv), but in this case the electric
potential (y) is constant (Yu, 1997).
As pointed out by Mitchell (1993), two equations
were used to compose Eq. 1: (1) the potential function (y0),
expressed by Eq. 2, being x a dimensional quantity equivalent to 1 Å, e the electronic charge, and (2) (1/l) the distance function which is related to the electric permissivity
(e), as can be seen in Eq. 3.
s p = 8c i 0 ekT sinh
Y0 =

z i eY
2kT

z i eY
kT

(1)
(2)

2

1 2ci 0 z i e
=
ekT
l2

2

(3)

The quantity l expresses the physical space of the
gravity centroid between two charged particles and represents the ionic double layer thickness, which can be calculated using Eq. 4, where e0 is the vacuum permissivity
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(8.85 x 10-12 C2J-1m-1) and D is the dielectric constant of the
pore solution.
l=

e 0 DkT
2c i 0 z i2 e 2

(4)

Equations 1 through 4 show that the compatibility of
clay can be influenced by the differences in the chemical
composition of the pore solution, since the ionic double
layer thickness and the plasticity and hydraulic properties
of the soils are closely related.
The ionic double layer thickness is estimated using
the ionic strength (I = 0.5Scizi2) and the dielectric constant
(D) of the pore solution for constant temperature conditions
(Bouazza et al., 2007 and Katsumi et al., 2008). Therefore,
a theoretical compatibility index (RCB) was formulated to
estimate the compatibility of pure bentonite samples by the
correlation of the water ionic strength (I0) and dielectric
constant (Dw) to the pore solution parameters (Ieq and Ds), as
presented in Eq. 5. When the RCB is one, full compatibility
exists of the pore solution relative to water, while RCB values
smaller or greater than one indicate incompatibility.
RCB =

I 0 Ds
I eq Dw

(5)

As suggested by Bolt (1955), I0 = 0.25 M for pure sodium bentonite clay; in turn, Ieq can be estimated by the geometric mean between the ionic strength of the water (I0) and
pore solution (Is), multiplied by the cation activity (a), as
presented in Eq. 6 (Langmuir, 1997).
I eq = aI 0 I s

(6)

As mentioned before, calcium chloride (CaCl2) 1 M
and ethanol (C2H5OH) solutions were used in the indirect
and direct compatibility tests of this research, so the RCB values for these solutions were estimated as follows.
Considering the CaCl2 1 M solution: Is = 2.0 M;
aCa = 0.293; aNa = 0.734, which leads to Ieq = 0.607 and
RCB = 0.64. For the ethanol solution, the dielectric constant
(D) is 24.3, resulting in RCB = 0.55. In these cases, the theoretical compatibility for both solutions is smaller than one,
which indicates loss of plasticity, being the ethanol solution
more “incompatible” to the bentonite sample than the CaCl2
1 M solution.
Since the premises adopted for calculating the RCB by
Eq. 5 cannot be directly applied to the mixtures (bentonite +
tropical soil), an expedite model (RCM) was formulated using the proportion of bentonite clay (%B) of the mixture
and also its natural clay content, which is almost exclusively composed of kaolinite. As this last clay presents an
interlayer expansion length in the order of 7 to 12 Å, while
for the bentonite it is 80 Å, it is reasonable to think that the
effect of any pore solution to the kaolinite clay is only 15%
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(12 Å/80 Å) compared to the bentonite, as presented by
Eq. 7.

3. Materials and Methods
3.1. Summary of the sample properties
The bentonite clay used in the tests is commercially
available in Brazil with the denomination Brasgel PA®. The
soil samples of lateritic, transitional and non-lateritic behavior, according to the abacus of Vertamatti (1998), were
collected in the vicinities of Ouro Preto, state of Minas
Gerais, Brazil.
Mixtures using these soils and the commercial bentonite were manually composed. The sampling locations
and preparation, as well as the mixing and characterization
methods and results are fully reported by Morandini &
Leite (2015a). Table 2 presents only the sample designations, including the bentonite proportions of the mixtures
(dry weight basis), and Table 3 reprints a summary of the
geotechnical and physicochemical properties as presented
by Morandini & Leite (2015a).
3.2. Indirect compatibility tests
Modified plastic (wp) and liquid (wL) limits were determined in the laboratory using the solutions and concentrations described next, as they represent the classes of
organic and inorganic liquids miscible in water presented
by Shackelford (1994). The test procedures followed the
Brazilian standards NBR 6459 (ABNT, 2016) for the laterr
and NBR 7180 (ABNT, 2016) for the former. Special care
was taken for handling these solutions because of their aggressive nature.
• Water: tap water
• Salt: CaCl2 at the concentration of 1 M (ionic strength = 2
M = 40.1 mg/L),
• Organic: Ethanol (C2H5OH), PA (dielectric constant =
24.3)
• Acid: HNO3 diluted to pH = 3
• Base: NaOH diluted to pH = 11
Besides measuring k in the laboratory with different
permeation fluids, this parameter was also estimated theoretically (kM) through the proposition of Morandini & Leite
(2015a) shown in Eq. 10. It is a variation of the well-known

Kozeny-Carman (KC) equation that includes the
mesoplastic point (MP), the CKC coefficient (a shape factor
related to the geometry of the soil pores); gf/mf respectively
for the unit weight and dynamic viscosity of the percolating
fluid; e the soil void ratio and a and b, the linearization parameters for these soil samples as referred in Morandini &
Leite (2015a). The characteristic equations that resulted
from Eq. 10 are described by the equations 11, 12 and 13 for
the samples SL, ST and SN, respectively.
gf

k M = C KC

e3
aMP b
m f 1+ e

(10)

k M = C KC

g e3
8.32 ´ 10 -4 MP -4. 48
m 1+ e

(11)

k M = C KC

g e3
2.95 ´ 10 2 MP -7. 56
m 1+ e

(12)

k M = C KC

g e3
4.68 ´ 101 MP -7. 26
m 1+ e

(13)

3.3. Direct compatibility tests
3.3.1. Sample preparation
Compacted soil specimens of the mixtures were prepared under Normal Proctor energy at 2% wet of optimum
moisture content using the tested chemical solutions and
tap water. These compaction effort and moisture content
are ordinary for landfill liner construction in Brazil and
many other countries. The specimens were 5 cm in diameter and 10 cm high. Their bentonite content (dry weight basis) was chosen according to the criterion that they must
-8
show a minimum k-value of 5 x 10 cm/s under an effective
confining stress of 40 kPa. This k-value meets most of the
international standards for barrier design (Koch, 2002), and
the confining stress of 40 kPa is ordinary for municipal
solid waste landfills. So, according to Fig. 1, the proportions that meet these criterion on a dry weight basis, called
here as “optimum bentonite content”, were: SLOT = 9%;
STOT = 4% and SNOT = 2%.

Table 2 - Sample designation and bentonite proportions (dry weight basis).
Lateritic samples
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Transitional samples

Non-lateritic samples

Designation

Bentonite (%)

Designation

Bentonite (%)

Designation

Bentonite (%)

SL

0.0

ST

0.0

SN

0.0

SL03

3.0

ST03

3.0

SN03

3.0

SL06

6.0

ST06

6.0

SN06

6.0

SL09

9.0

ST09

9.0

SN09

9.0

SL12

12.0

ST12

12.0

SN12

12.0
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11
17
2.90

Plastic limit wP (%)

Plasticity index PI (%)

Mesoplastic point MP (%)

Density of solids rs (g/cm )
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0.09

Electrical cond. (mS/cm)

*NR - Not Rated.

Specific Ssrface - So (m /g)

28.2

0.81

DpH

2

5.35
6.16

pH at 1:2.5 soil:solution H2O v(H2O)

pH at 1:2.5 soil:solution KCl (KCl)

3.6

Cation exchange capacity (cmol/kg)

48.4

0.28

0.25

6.44

6.19

6.2

70.5

14.5

12.5
61.0

wot (%)

1.81

Saturation at wot (%)

3

rdmáx (g/cm )

0.71

CL

1

3

15

34

18

29

2.89

32

21

1.82

0.38

Activity (Skempton)

Normal proctor compaction

1
CL

USCS classification

3

Coarse sand

Gravel

35
16

Medium sand

16

Silt

Fine sand

29

Clay

Grain size (%)

12

Liquid limit wL (%)

3

42
21

SL03

23

Sample
SL

Property

76.3

0.5

-0.28

6.86

7.14

9.8

77.0

16.2

1.79

1.11

CH

0

4

15

34

17

30

2.88

40

33

23

57

SL06

100.4

0.67

-0.49

7.54

8.03

12.9

83.8

17.8

1.78

1.55

CH

1

5

15

29

20

30

2.86

49

47

26

72

SL09

122.3

0.84

-0.86

7.93

8.79

15.7

88.6

19.1

1.76

1.94

CH

0

7

17

28

17

31

2.84

57

60

27

87

SL12

53.8

0.05

0.06

5.21

5.15

6.9

88.4

21.5

1.62

0.54

MH

1

5

8

36

9

41

2.84

41

22

30

52

ST

105.3

0.43

-1.82

5.94

7.76

13.5

89.8

22.5

1.66

1.28

CH

1

6

27

17

10

39

2.83

53

50

28

78

ST03

145.6

0.68

-1.66

6.58

8.24

18.6

88.8

23.3

1.62

1.63

CH

1

6

26

17

9

41

2.82

62

67

29

96

ST06

197.3

0.87

-1.57

7.06

8.63

25.3

89.7

24.0

1.60

2.19

CH

1

6

25

18

9

41

2.80

72

90

27

117

ST09

281.3

0.97

-1.63

7.33

8.96

36.0

91.4

24.8

1.59

3.05

CH

1

6

24

19

8

42

2.79

92

128

28

156

ST12

61.3

0.08

-0.24

4.60

4.84

7.9

87.1

22.2

1.62

0.68

MH

3

10

18

23

10

36

2.76

44

25

31

56

SN

Table 3 - Summary of the geotechnical and physicochemical properties of the samples (Reprinted from Morandini & Leite, 2015a).

90.5

0.44

-0.62

5.03

5.65

11.6

89.2

23

1.61

1.10

CH

3

9

19

20

11

38

2.75

55

42

34

76

SN03

124.7

0.78

-1.25

5.43

6.68

16.0

90.3

23.6

1.60

1.39

CH

2

6

19

20

11

42

2.74

67

59

37

96

SN06

158.7

1.02

-1.47

6.00

7.47

20.3

92.5

24.4

1.59

1.73

CH

3

6

17

19

11

44

2.73

79

76

40

117

SN09

193.6

1.35

-1.85

6.39

8.24

24.8

94.3

25.1

1.58

2.01

CH

2

6

14

20

12

46

2.72

90

92

44

136

SN12

775.9

1.3

-1.15

8.77

9.92

99.4

*NR

*NR

*NR

6.50

CH

0

0

0

0

9

91

2.45

387

592

91

683
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Figure 1 - Bentonite content necessary to achieve a hydraulic conductivity of 5 x 10 cm/s under a confining stress of 40 kPa, called “optimum bentonite content”: (a) SLOT sample; (b) STOT sample and (c) SNOT sample (Morandini & Leite, 2015a).

3.3.2. Inert permeability cells
Flexible wall permeability tests under constant head
conditions were applied to determine the kw and kf of the
samples. Usually these cells are an adaptation from the conventional triaxial cells, that usually have many metallic
parts vulnerable to corrosion when chemical solutions are
percolated. To avoid corrosion, two “inert” triaxial cells
were designed using only plastic materials, one for permeability determination and the other as a solution reservoir
(Fig. 2). The parts of this new equipment are described
next:
• Not welded walls made of acrylic (polymethyl-methacrylate);
• Base and top made of high density nylon;
• 0.5” low density polyethylene tubes;
• Stainless steel connections.
3.3.3. Test conditions
The schematic of the test apparatus used in soil percolation is depicted in Fig. 3. Pressure application systems
were installed at the base (p1) and over the top (p2) of the soil
specimens, along with the confining pressure system (s3).
A transducer for pore pressure (u) monitoring and an elec-

Figure 2 - Inert triaxial chambers: (a) triaxial chamber and (b) solution reservoir.
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tronic gage for flow measurement were also coupled to the
triaxial cell.
The test method followed the recommendations of
Head (1986) and Morandini & Leite (2013), including
backpressure saturation and pre-consolidation of the samples using the chemical solutions and tap water as permeation fluid. The backpressure saturation was limited to
300 kPa and full saturation was considered when the
Skempton B parameter reached a minimum of 0.94. In turn,
pre-consolidation was induced by applying a total confining stress (s3) of 323 kPa, leading to a constant effective
confining stress (s’3) of 40 kPa, used for pre-consolidation
was well as for percolation.
Once these procedures were terminated, percolation
was imposed to the soil specimens by the application of a p1
of 300 kPa, while p2 was kept constant at 250 kPa. These
conditions have produced a porepressure (u) of 283 kPa, a
hydraulic head of 50 kPa and a hydraulic gradient (i) in the
order of 50. So, k values were determined using Darcy’s
Law under constant head conditions.
Some aspects of these tests must be highlighted, as
pointed out in Morandini & Leite (2013): (1) because of op-

Figure 3 - Schematic of the apparatus used in the percolation tests
(Reprinted from Morandini & Leite, 2013).
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erational reasons, including difficulties in soil compaction,
moulding, saturation and consolidation, the hydraulic conductivity of the pure bentonite samples was not measured;
(2) the rule s3 > p1 > p2 has been complied with t avoid soil
liquefaction induced by excessive pore pressure increase;
(3) the reported kw and kf values are the arithmetic average
of 3 measures.

4. Results and Discussion
4.1. Indirect compatibility
Some of the bentonite properties are presented in Table 4, including the conventional and modified Atterberg
limits, the mesoplastic point (MP), the indirect compatibility index (Rc) and the bentonite theoretical compatibility index (RCB). As the pH variation induced by the acid and
alkaline solutions was not incorporated into the compatibility model of Eq. 7, the RCB was not calculated for the HNO3
and NaOH solutions.
It is clear from Table 4 that the ethanol (C2H5OH) and
calcium chloride (CaCl2) solutions had the major influence
on the plasticity of the bentonite sample relative to the other
solutions, as demonstrated by the variation of the RC and RCB
values. It must be also pointed out the similarity between
the theoretical compatibility index (RCB) and the laboratory
mesoplastic-point-based compatibility index (Rc) for these
last solutions.
As can be seen in Fig. 4, the influence of the solutions
on the bentonite properties was more accentuated for the

Figure 4 - Bentonite properties with different chemical solutions.

liquid limit compared to the plastic limit, which has reflected also in the shape of the PI and MP curves. This result was consistent with the literature, as mentioned in the
Introduction section.
Table 5 and Fig. 5 present the conventional and modified Atterberg limits as well as the Rc values for the tropical
soilsamples and their mixtures.
Figure 5 illustrates that the use of water as the molding fluid for the natural soilsamples (SL, ST and SN)
resulted in a small variation between the modified and conventional Atterberg limits, so it is concluded that the bentonite clay content was the main responsible for the increase in their incompatibility.
Figure 6 depicts the relation Rc vs. bentonite content
of the soil samples and some excerpts of these diagrams are

Table 4 - Bentonite properties.
Properties

Chemical solutions
Water

CaCl2

C2H5OH

HNO3

NaOH

Liquid limit (wL)(%)

683

447

391

715

620

Plastic limit (wP) (%)

91

63

52

103

83

Plasticity Index (PI) (%)

592

384

340

612

537

Mesoplastic Point (MP) (%)

387

255

221

409

352

Indirect compatibility Index (Rc)

1.00

0.66

0.57

1.06

0.91

Theoretical compatibility Index (RCB)

1.00

0.64

0.55

-

-

Table 5 - Conventional and modified Atterberg limits for the tropical soils and their mixtures with bentonite.
Solution

Soil samples
SL

SL03

SL06

SL09

SL12

ST

ST03

ST06

ST09

ST12

SN

SN03 SN06 SN09 SN12

wL (%)
Water

23

42

57

72

87

52

78

96

117

156

56

76

96

117

136

CaCl2

22

39

53

66

80

51

75

90

107

137

55

74

89

106

120

C2H5OH

21

38

52

65

77

50

74

89

105

134

54

73

88

104

118

HNO3

22

42

56

74

88

52

79

96

118

158

56

75

95

108

138

NaOH

22

41

55

69

83

51

76

94

113

150

55

75

93

114

130
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Table 5 - cont.
Solution

Soil samples
SL

SL03

SL06

SL09

SL12

ST

ST03

ST06

ST09

ST12

SN

SN03 SN06 SN09 SN12

wP (%)
Water

12

21

23

26

27

30

28

29

27

28

31

34

37

40

44

CaCl2

11

21

22

24

25

29

27

27

25

24

30

33

35

36

39

C2H5OH

12

20

21

23

24

29

26

27

25

24

30

33

34

36

38

HNO3

12

21

23

26

28

29

28

29

28

29

32

34

37

41

45

NaOH

12

21

23

25

26

29

27

28

28

26

31

34

36

39

42

PI (%)
Water

11

21

33

47

60

22

50

67

90

128

25

42

59

76

92

CaCl2

12

19

31

43

55

22

48

63

82

113

24

41

55

70

81

C2H5OH

9

18

31

42

53

21

47

62

80

110

24

40

54

68

80

HNO3

11

21

33

47

61

23

51

67

91

129

24

41

58

67

93

NaOH

11

20

32

44

57

22

49

66

86

124

24

41

57

75

88

Rc
Water

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

1.0

CaCl2

0.95

0.95

0.93

0.92

0.91

0.98

0.96

0.94

0.92

0.88

0.97

0.97

0.97

0.91

0.88

C2H5OH

0.93

0.92

0.91

0.90

0.88

0.97

0.95

0.93

0.90

0.86

0.97

0.97

0.96

0.89

0.87

HNO3

0.98

1.00

0.99

1.02

1.01

0.99

1.01

1.01

1.02

1.01

1.01

1.01

0.98

0.95

1.02

NaOH

0.97

0.99

0.97

0.96

0.95

0.99

0.98

0.98

0.97

0.96

0.99

0.99

0.98

0.97

0.96

worth mentioning: (1) the addition of bentonite has led to
an increase in the incompatibility of the soil samples denoted by the linear decrease of the Rc values, which corroborates the above analysis of Fig. 5; (2) a decrease in the Rc
value indicates loss of plasticity relative to water, which
was the case presented by the ethanol, calcium chloride and
sodium hydroxide solutions; (3) the acidic solution resulted
in a slight increase in the plasticity for the SL and ST samples, while it was oscillatory for the SN mixtures; (4) of all
natural soil samples (without any bentonite addition), the
SL sample had the greatest incompatibility denoted by the
lowest Rc values along the ordinate axis; (5) in spite of the
variability of the Rc values of the natural soils (0% of bentonite), as shown in Fig. 6(a), the similarity among all diagrams indicates that the laterization stage had little influence on the general compatibility.
Satisfactory correlations between laboratory Rc
(Eq. 8) and theoretical RcM (Eq. 7) for ethanol and calcium
chloride solutions can be observed in Fig. 7, since differences of no more than 4% between these two variables were
found. It is also observed that the best fit was reached for
the SL sample (Figs. 7a and 7b).
In general terms, the Rc values for all soil samples and
chemical solutions are in the range from 0.93 to 1.01, meaning more compatibility for these samples when compared
with the pure bentonite clay values, whose values varied
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from 0.57 (C2H5OH), 0.66 (CaCl2), 0.91 (NaOH) to 1.06
(HNO3).
The influence of the weathering stage of the natural
soil samples on the compatibility was analyzed by plotting
the weathering index Ki vs. Rc (Fig. 8). Ki is defined as 1.7 x
SiO2/Al2O3 (IBGE, 2005), so a small Ki value refers to advanced weathering and vice versa. The Ki = 2.0 of the
kaolinite clays is taken as a reference.
The Ki index values for the samples SL, ST and SN
are respectively 1.72, 2.36 and 3.08 (Morandini & Leite,
2015a), and no clear dependence of the Rc on Ki is observed
since the curves for ST and SN are very similar.
4.2. Direct compatibility
The laboratory hydraulic conductivity (k) and the relative hydraulic conductivity measured with chemical solutions (kr) for the samples compacted at the “optimum bentonite content” are presented on Table 6. It is clear from this
table that the permeation with the other chemical solutions
increased k relative to water, as confirmed by their kr values
greater than one. An exception is made for the lateritic soil
(SLOT sample), since its permeation with HNO3 slightly reduced k relative to water (kr < 1 = 0.87).
The kr values from Table 6 denote a significant increase (from 2.3 to 6.1) in k when the ethanol solution was
permeated. Daniel & Liljestrand (1984), Fernandez & Quigley (1985), Daniel et al. (1993) and Shackelford (1994)
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Figure 5 - Liquid limit (wL) and plastic limit (wP) for the tropical soils and their mixtures using water and other chemical solutions.

Figure 6 - Rc vs. bentonite content: (a) SL sample and its mixtures; (b) ST sample and its mixtures (c) SN sample and its mixtures.

also reported on the increase of k for different clays due to
contact and percolation with organic solutions of low dielectric constant, as is the case of the ethanol PA reagent
(24.3) used in this research.

C2H5OH > CaCl2 > NaOH > HNO3. This fact increases the
perspective of using the modified Atterberg limits as a preliminary tool for evaluating the compatibility of soils for
barrier purposes.

A simple comparison between kr values from Table 6
(direct compatibility) and Rc values from Table 5 and Fig. 5
(indirect compatibility) reveals the same order of incompatibility for all the samples and solutions, as follows:

Table 7 summarizes the soil parameters used estimate
kM values according to Eq. 11. A value CKC = 0.2 was applied
as suggested by Chapuis & Albertin (2003) when dealing
with clayey soils. Table 8 presents the mesoplastic point

Soils and Rocks, São Paulo, 41(3): 345-357, September-December, 2018.
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(MP) values, the fluid parameters (g/m) and the resultant kM.
These MP values were calculated from Eqs. 5 through 7 for

the CaCl2 and C2H5OH solutions; laboratory MP values
were used for HNO3 and NaOH solutions.

Figure 7 - Correlation between the Rc and RcM values: (a) SL sample/CaCl2; (b) SL sample/C2H5OH ; (c) ST sample/CaCl2; (d) ST sample/C2H5OH; (e) SN sample/CaCl2 and (f) SN sample/C2H5OH.

Figure 8 - Weathering index Ki vs. Rc for all the natural soil samples and chemical solutions.
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Table 6 - Hydraulic conductivity (k) and relative hydraulic conductivity (kr) for the “optimum bentonite content” samples with different
solutions.
Sample

Chemical solutions
Water (kr)

CaCl2 (kr)

C2H5OH (kr)

-8

1.1 x 10 cm/s (1.74)

-8

1.0 x 10 cm/s (1.61)

-8

8.4 x 10 cm/s (1.43)

SLOT

6.3 x 10 cm/s (1.00)

STOT

6.3 x 10 cm/s (1.00)

SNOT

5.9 x 10 cm/s (1.00)

3.8 x 10 cm/s (6.10)

-7

3.5 x 10 cm/s (5.60)

-8

1.4 x 10 cm/s (2.34)

The correlation between the k measured in the
laboratory and the theoretical k M from Table 8 is depicted in Fig. 9(a) as function of the soil samples, and
9(b) as a function of the chemical solutions. Good fits
Table 7 - Soil parameters used to estimate kM.
Soil sample

HNO3 (kr)

-7

e

a

b

CKC

SLOT

0.608

0.00083

-4.48

0.2

STOT

0.735

295.12092

-7.56

0.2

SNOT

0.665

46.77351

-7.26

0.2

-7

5.5 x 10 cm/s (0.87)

-7

6.4 x 10 cm/s (1.01)

-7

7.5 x 10 cm/s (1.27)

NaOH (kr)

-8

7.5 x 10 cm/s (1.19)

-8

-8

8.2 x 10 cm/s (1.31)

-8

8.1 x 10 cm/s (1.37)

-8

-8

were observed for all samples and solutions, exception
made for the SNOT sample (pointed in Fig. 9a) and the
C 2H 5OH solution (see Fig. 9b), whose measured k is
smaller than k M, but remaining in the same order of
magnitude.
If the theoretical propositions presented here are directly connected to the double layer theory in which bentonite clay is clearly inserted, it is reasonable to think that
the kM values estimated for the mixtures with greater bentonite content should give better fit to the models, as was
the case of the samples SLOT (9%) and STOT (4%) compared
to the sample SNOT (2%).

Table 8 - Solution parameters, mesoplastic point (MP) and the resultant kM values.
Solutions
g/m (cm s )
-1 -1

Water

CaCl2

C2H5OH

HNO3

NaOH

99300

99300

402165

99300

99300

Sample

MP(%)

SLOT

49.0

45.1

43.9

50.0

46.8

STOT

55.8

53.4

52.7

56.4

54.9

SNOT

51.4

49.9

49.5

50.9

50.7

-1

Sample

kM (cms )

SLOT

6.21E-08

9.01E-08

4.12E-07

5.65E-08

7.60E-08

STOT

8.34E-08

1.17E-07

5.24E-07

7.76E-08

9.51E-08

SNOT

6.19E-08

7.76E-08

3.32E-07

6.67E-08

6.90E-08

Figure 9 - (a) Laboratory k vs. theoretical kM for the “optimum bentonite content” samples; (b) Laboratory k vs. kM as a function of the
chemical solutions.
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5. Conclusions
Four research objectives were stated in the Introduction section, and the next conclusions will be presented in
the same order, as follows:
(1) “A comparison between laboratory direct and indirect
methods for compatibility evaluation”. The incompatibility order was the same for both direct and indirect
methods, considering all solutions and soil samples:
C2H5OH > CaCl2 > NaOH > HNO3. This fact corroborates the perspective of using indirect methods as a
preliminary tool for comparing different candidate
soils for barrier purposes from a qualitative point of
view. Small laboratory effort is needed for this last approach.
(2) “An assessment of the influence of the bentonite content
on the compatibility of tropical soil samples”. It was
demonstrated by Figs. 5 and 6 that the bentonite content had major influence on the decrease of the compatibility of the tropical soils for all solutions. However, exception made for the ethanol PA reagent, the
compatibility indeces Rc and kR close to 1 demonstrate
that small proportions of bentonite, up to 12% (dry
weight basis) as in this research, do not affect the soil
so much.
(3) “An investigation of the influence of the laterization degree on the compatibility”. Figure 8 demonstrates that
the weathering stage (laterization degree) of the tropical soil samples had minor influence on the compatibility results.
(4) “An evaluation of theoretical equations to predict the
compatibility of these samples through back analysis”. In general terms, good predictions were obtained
both for direct or indirect methods relative to the laboratory tests results. For indirect compatibility, these
comparisons were presented in Table 4 for the bentonite sample and in Fig. 7 for the natural soil samples and
mixtures considering the ethanol and calcium chloride
solutions. In turn, direct compatibility comparisons
were presented on Fig. 9 for all soil samples and solutions.
The issues to be addressed in future research must involve the use of other tropical soil samples comprising the
many pedological taxonomies of Table 1, as well as the use
of real liquids from actual disposal sites. Additionally, as
the results of the present research were obtained by means
of an “instantaneous” contact of the soil with the contaminant solutions, a long term analysis is suggested to evaluate
possible changes on the composition and/or mechanical behavior of the compacted tropical soils.
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The Performance of a Sand Reinforced with Coconut Fibers
Through Plate Load Tests on a True Scale Physical Model
J.M.G. Sotomayor, M.D.T. Casagrande
Abstract. The use of recycled materials has experienced a growing global interest in the last decades. Products like natural
fibers are being studied to replace synthetic fibers in some applications because they are renewable resources that have a
lower cost. Fibers can be used as reinforcement for covers of landfill sites, landfilling over soft soils, and
evapotranspiration covers. The use of coconut fibers represent an opportunity to reduce the environmental issue waste of
this fruit in tropical countries. The main objective of this research is to evaluate the load-settlement behavior of
non-reinforced and reinforced sand with coconut fibers using either a random or a layered distribution. In that sense, plate
load tests with both non-reinforced and reinforced sand were performed fixing the moisture content and percentage of
fibers for all tests. The results show that the greatest settlement reduction is obtained with layered distribution. Conversely,
random distribution provides more ductility and, consequently, the mixture can resist a highest load than layered
distribution.
Keywords: coconut fiber, layered distribution, plate load test, random distribution.

1. Introduction
In the literature, one of the firsts investigations about
the influence of root reinforcement on soil strength has
been conducted by Endo & Tsuruta (1969) who showed
that the shear strength of soil with tree root system could be
expressed by the same forms as Coulomb law. The growing
interest led researchers to study the effect of discrete fibers
on soil shear strength. In that sense, researchers as Gray &
Ohashi (1983) began to develop models based on force
equilibrium to correctly predict the influence of various
soil-fiber parameters. The better characteristics of synthetic
fibers than natural fibers attracted the attention of researchers. Studies carried out on reinforced soil with synthetic fibers have demonstrated that the principal parameters on the
shear strength are soil particle size and shape (Maher &
Gray, 1990; Al-Refeai, 1991; Sadek et al., 2010; Pino &
Baudet, 2015), sand relative density (Consoli et al., 2009a;
Sharma & Kumar, 2017), fiber orientation (Gray &
Al-Refeai, 1986; Michawloski & Cermak, 2002), fiber percentage and length (Maher & Ho, 1994; Yetimoglu &
Salbas, 2003; Consoli et al., 2007b; Li & Zornberg, 2012)
and fiber aspect ratio (Maher & Woods, 1990; Ranjan et al.,
1994; Chou et al., 2016). The understanding of the
soil-fiber mechanism has led researchers to study
ecofriendly materials as Tolêdo Filho et al. (1997), Ahmad
et al. (2010) and Estabragh et al. (2013) developed studies
using natural fibers to reinforce silty sand, clays and mortar, respectively. A review study about synthetic (PP, PE,
PET, Nylon, Glass, PVA; and steel) and natural (coir, sisal,

palm, jute, flax, straw, bamboo; and cane) fibers was
carried out by Hejazi et al. (2012) showing that, in all cases,
fibers help to reduce the brittleness of the composite soil.
The literature concludes that the use of natural-synthetic fibers in geotechnical engineering is feasible in embankments and road construction (Santoni et al., 2001; Tingle et
al., 2002; Chauhan et al., 2008), retaining walls (Arenicz &
Chowdhury, 1988; Park & Tan, 2005), earthquake engineering (Leflaive, 1988; Amir-Faryar & Aggour, 2016),
slope protection (Zornberg, 2002; Bhardwaj & Mandal,
2008), and foundation engineering (Sharma & Kumar,
2017; Wasti & Bütün, 1996).
The Brazilian Institute for Geography and Statistics
(IBGE) revealed that, in Brazil, the coconut production has
grown from 1,300,000 to 2,000,000 tons in ten years. According to the Brazilian Agricultural Research Corporation, the coconut shells represent between 80% and 85% of
weight of the fruit and about 70% of the waste generated in
Brazilian beaches, thus becoming a serious environmental
issue, particularly in tropical countries, however, the coconut fiber applications are reduced to evapotranspiration
coverage. Researchers have shown interest in using coconut fiber as concrete reinforcement (Majid et al., 2011;
Ramli et al., 2013), nevertheless few studies are carried out
for uses in soil reinforcement. The main objective of this research is the applicability of coconut fibers as reinforcement of soil embankments, soil foundation and other
engineering applications. A secondary objective is to compare random with layered reinforcement distribution fixing
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the moisture content and percentage of fibers. Static and
dynamic plate load tests are often used for bearing capacity
evaluation of shallow foundations (Moraes et al., 2007). No
studies have used the plate load test to evaluate reinforced
soil with coconut fiber. This paper reports static plate load
test results under controlled conditions on non reinforced
and reinforced sand evaluating the load-settlement behavior and compares a random with a layered reinforcement
distribution. The use of coconut fiber represents an opportunity to reduce the environmental issue of waste. One of
the study limitations is that there was no analysis of resistance to fiber degradation, however, Hejazi et al. (2012)
showed that the high lignin content of coconut fibers makes
the degradation slower compared to other vegetable fibers.

2. Materials
2.1. Coconut fiber
Coconut fibers were collected by a partnership between the municipal company of urban cleaning and the department of public services conservation. The fibers were
received in sacks, subsequently going through shredding,
cleaning of all solid residues, manually cut, and stored into
bags (Fig. 1). The fiber average dimensions were 50 mm in
length and the content used was 0.5% by dry weight of soil.
Previous studies have demonstrated that a fiber content of
0.5% is an upper limit considering workability and homogeneity (Consoli et al., 2003a; Consoli et al., 2009b;
Consoli et al., 2007a; Anagnostopoulos et al., 2013).
2.2. Soil matrix
The Unified Soil Classification System (USCS) classifies the sand, obtained from the region of Santa Cruz in
southern Brazil, as non plastic poorly graded SP. The sand
has a mean diameter of 0.89 mm and non-uniformity and
curvature coefficients of 5.08 and 1.01, respectively. The
specific gravity of the solids was 2.642, the maximum and
minimum void ratios were 0.70 and 0.50, respectively. The
fines content was 2.2% with no organic matter. The layers

Figure 1 - Coconut fibers 50 mm in length.
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were compacted to a relative density of 50% because, in
practice, covers and landfill sites do not possess high compaction values. The moisture content was 10.0% and dry
unit weight 16.5 kN/m3.

3. Preparation of Layers
First was placed half of the sand into mixer of 20 L, a
bit of water was spread over the surface to avoid dust, fibers
were manually placed covering all surface, then the other
sand half was added. The mixer was turned on, while the
water was added to reach the moisture content calculated.
The fibers were added as a replacement of sand using Eqs. 1
and 2.
WR = V ´ g R

(1)

WR = W S + W F = PS ´ WR + PF ´ WR

(2)

where, WR, WS, and are dry weight of reinforced layer, sand
and fibers, respectively; gR is dry unit weight of reinforced
layer; V is the total volume of reinforced layer to be placed;
PS and PF are the percentages of sand and fibers in
reinforced layer, respectively.
In layered distribution did not mixture the sand with
the fiber, the fiber percentage was placed between each
layer of sand.
A wooden box, 1.4 m x 1.4 m in plan dimensions, and
1.5 m high was used as test box. The mixture thickness is
1.2 m which is equivalent to 4 times the plate diameter. The
test box was filled with 12 consecutive layers with a 0.1 m
thickness.

4. Equipment Setup
A load transmission/reaction system was developed
by the Materials and Structures Laboratory of Pontifícia
Universidade Católica do Rio de Janeiro to conducted the
plate load test. It was built on a steel gantry with a 1000 kN
workload (Fig. 2). The load was applied by a hydraulic jack
with a 600 kN maximum load connected to a hand pump
and one load transducer with a 20 kN capacity was placed
below the jack. A circular steel plate with 0.3 m in diameter
and one inch in thickness was used. Displacement transducers TD1, TD2, and TD3 were radially placed over the plate
at every 120°. Transducers TD4 and TD5 were placed off
the plate at 0.05-0.10 m distance in order to register the settlements around the plate (Fig. 3). The displacement transducers were fixed to a reference beam and held by external
supports to ensure a stable reference. The main scale limitation of the plate loading test is found in the dimensions of
the test box, which, although it was 4 times the diameter of
the plate in depth, did not support the greater range of
stresses permitted by the addition of fibers to the sand. This
large increase in deformation energy was not previously
considered in the determination of the dimensions of the
test box.
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Figure 2 - Test box.

5.1. Load-settlement behavior
The non reinforced sand fails at the point where the
load-settlement relation changes its inclination; this point is
defined as bearing capacity of the foundation, qult. This
change occurs for random distribution in low settlements
while for the layered distribution in large settlements.
Most methods to estimate qult have been developed
based on the expression proposed by Terzaghi (1951). The
expression adapted for a plate load test on cohesionless
soils using a circular footing is defined as
q ult = 0.3g ´ B ´ N g

Figure 3 - Displacement transducers locations.

5. Results and Analyses
Non-reinforced sand was tested in order to determine
the material basic behavior. Sand was then reinforced with
randomly distributed fibers to observe the fiber influence
on the load-settlement behavior. Finally, reinforced sand
with layered distributed fibers was tested to compare the influence of fiber distribution layout, by maintaining the
same fiber content in each layer.
The tests ended when the plate presented rotations
over its axis. During test, sand becomes stiff beneath the
plate and does not allow larger settlements.

Soils and Rocks, São Paulo, 41(3): 361-368, September-December, 2018.

(3)

where g is the sand unit weight; B is the plate diameter and
Ng is a bearing capacity factor which depends of the sand
friction angle, f. There are many methods to define Ng, the
lack of consensus in the methods being due to complexity
in obtaining qult by experimental tests. Sixty methods to
determine the bearing capacity factor Ng presented by
Diaz-Segura (2013), were used to calculate qult using the
Eq. 3. Triaxial tests with the non reinforced sand obtained
an angle of friction of 32.5°. Figures 4(a) and 4(b) show the
variation range of qult calculated, and the qtest obtained in the
test, respectively. The physical model is validated by the
numerical methods because qult = 40 kPa is inside the values
range calculated (35-40 kPa).
Load-settlement curves in large deformations are presented in Fig. 5. Initially, non-reinforced sand shows a parabolic curve and then a linear tendency. This linearity is
typical of granular soils: the grains keep rearranging themselves, and therefore, the mass of soil does not have a
well-defined shear failure.
Normally, plate load tests on granular soils achieved a
proportionality between load and settlements, therefore, the
results in large deformations are compatible. The strain
hardening response shows the reinforced sand as more duc-
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Figure 4 - Bearing capacity of the non reinforced sand: (a) Numerical (b) Experimental.

tile. At the 400 kPa value there is an intersection between
the three curves: at this stress level the fibers have occupied
most of the void spaces increasing interaction with the sand
grains and activating the development of the fiber tensile
strength that produces the strain hardening behavior.
The reinforced (random distribution) and the non reinforced curves are almost parallel until 400 kPa: after the
reinforced curve shows a continuous stress increase, while
stress in non reinforced sand decreases. In this range, the
layered distributed reinforced curve presents a lower settle-

ment resistance than the non reinforced sand, however, after 400 kPa this distribution presents the best settlement resistance.
Lateral movement of the grains is produced by the
stress transfer from plate to sand which affects the grains
stability. Fibers distributed in layers act as a restraint
against this movement (Fig. 6), however, generate a major
layer stiffness, consequently, the layered reinforcement test
endure a minor load than randomly reinforcement test.
Consoli et al. (2003b) also observed a stiffer response due
to a combined effect between the continued increase in the
material strength at large deformations and the increase in
the horizontal stresses below the plate.
The transducers TD1 and TD2, in Figs. 7(a) and 7(b),
placed 0.05 and 0.10 m from the plate border showed that
non-reinforced sand has a vertical upward expansion while
in the reinforced case the sand is pulled down in the direction of the plate, this mechanism also having been observed

Figure 5 - Load-settlement curves in large deformations.

Figure 6 - Lateral restraining capability.
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Figure 7 - Load-settlements curves around the plate. (a) 0.05 m (b) 0.10 m.

by Consoli et al. (2009a). Fibers generate an additional
confinement effect around the sand grains, the restriction
for grains movement and the fiber capacity to work in tension reduces the sand dilative behavior. According to
Consoli et al. (2003b), fibers reduce the movement of sand
due to the transfer mechanism by the fiber-sand friction distributing the energy over a larger area.
The overall evaluation of the results shows that the fiber addition initially restricts the natural rearrangement of
sand grains as the displacement increases to a certain limit.
Once this limit is reached, the grains have no direction to
move without strongly interacting with the randomly distributed fibers or the fibers distributed in layers, which start
to contribute to the displacement resistance as shown in the
Fig. 5.
5.2. Shear failure mechanism
Figure 8 shows the exhumation after the tests. The
change in the shear mechanism showed by the transducers
TD1 and TD2 was verified. Vesic (1975) explained that the
failure characterized by the vertical upward expansion presented by the non reinforced sand corresponds to local
shear failure. However, the reinforced cases presented a

punching shear failure. In Fig. 9 the maximum stress
reached in non reinforced sand was 770 kPa, while layered
and randomly reinforced sand reached 1200 and 1500 kPa,
respectively.
The size and shape of fissures indicate stress release,
if the sand does not have enough tenacity to keep absorbing
energy the affected area will be bigger. In non reinforced
sand, the Fig. 10(a) shows radial cracks appearing normal
to the circumference of the plate. The concentration of
stresses was dissipated from the layer base to the surface,
superficially cracks appeared perpendicular to the radial
crack trying to propagate in all directions. In the reinforced
cases, cracks were concentric with the plate and there were
no perpendicular cracks, therefore, fibers improve the sand
behavior avoiding the appearance of cracks.

6. Conclusions
The performance of a medium density compacted
sand reinforced with coconut fibers was studied through
plate load test in true scale with an equipment setup detailed
in this paper. The following conclusions were based in the
obtained results.

Figure 8 - Shear mechanism: (a) local shear (non-reinforced sand), (b) punching shear (randomly and layered reinforced sand).
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Figure 9 - Settlement: (a) non-reinforced (770 kPa), randomly reinforcement (1500 kPa), (c) layered reinforcement (1200 kPa).

Figure 10 - Cracks: (a) non-reinforced (770 kPa), (b) randomly reinforcement (1500 kPa), (c) layer reinforcement (1200 kPa).

In low stresses, fibers add voids around themselves
reducing the normal rearrangement of grains and the bearing capacity. In large stresses, grains occupy the voids
around the fibers improving the fiber-sand interaction, coconut fibers activate the tensile resistance significantly improve the load-settlement behavior and influence the
change of shear mechanism.
The non reinforced sand showed a vertical shear from
a bottom layer to surface, displaying a stress concentration
in the loading area, whereas the reinforced sand presented
shear failures that propagated off the loading area around
the plate, showing that the fibers distribute the stresses over
a larger area.
The membrane effect generated under the layered distribution got the higher settlement reduction due to restraint
of grains lateral movement, however, this stiffens the layer
and creates potential planes of weakness. This effect does
not happen with the random distribution.
It is recommended a combination to provide the advantages of each one. In superficial layers can be used the
random distribution to reduce the cracks while in the intermediate layers can be used the layered distribution. The use
of recycled coconut fiber is an opportunity to reduce the environmental problem in tropical countries.
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kPa: kilopascal
f: friction angle
WR: dry weight of reinforced layer
WS: dry weight of sand:
WF: dry weight of fibers
gR: dry unit weight of reinforced layer
V: total volume of reinforced layer
PS: percentage of sand
PF: percentage of fiber
kN: kilonewton
qult: bearing capacity
B: plate diameter
Ng: bearing capacity factor
TD: displacement transducers
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Porosity Changes of Compacted Soil Percolated
with Acidic Leachate
E.P. Korf, P.D.M. Prietto, A.A. Silveira, C. Ulsen, L. Bragagnolo
Abstract. This paper evaluates porosity changes in compacted soil subjected to acidic leachate percolation through
different dry unit weights. The porosity of compacted soil is presented in different nominal porosities or dry unit weights
(41.9% and 15.5 kN/m3, 43.8% and 15.0 kN/m3, and 45.7% and 14.5 kN/m3) percolated with a sulfuric acid solution under a
constant vertical stress of 280 kPa. Porosity was evaluated via X-ray microtomography (m-CT) and mercury intrusion
porosimetry (MIP). The results demonstrated that percolation by a 2% sulfuric acid solution in compacted clay soil caused
changes in pore size distribution, increased the pore diameter in all specimens’ layers, and increased the porosity in
specimens’ upper layers due to acidic attack on the soil’s microstructure. The porosity assessed by mercury intrusion
showed a good correlation with the macroscopically measured porosity. The same behavior was not observed via m-CT due
to the limited resolution of the images and the inability to characterize the micropores.
Keywords: compacted soil, containment barriers, mercury intrusion porosimetry (MIP), soil percolation, X-ray
microtomography (m-CT).

1. Introduction
Compacted clay soils percolated by aggressive chemical agents, such as leachate from industrial waste, can be
affected in the soil structure, resulting in an increase of hydraulic conductivity and a consequent reduction of reactivity, harming the ability of the soil to retain and attenuate
contaminants (Broderick & Daniel, 1990; Favaretti et al.,
1994; Hueckel et al., 1997; Knop et al., 2008). According
to Francisca and Glatstein (2010), the hydraulic behavior of
fine or recently compacted soils is mainly influenced by interactions between percolated liquid and mineral particles.
Thus, acid attack in clay soils can result in their chemical
alteration and release of ions; it can also influence several
physical, biological, and chemical processes (Agbenyeku
et al., 2016).
To understand the phenomena resulting from interaction between acid leachate and compacted soil particles, it
is essential to evaluate the microstructure of the soil, since
acid leachate has a substantial influence on the mechanical
behavior of both natural and compacted soils (Burton et al.,
2015). Therefore, one of the essential parameters for microstructure alteration studies under different geotechnical
conditions is porosity. Two porosity scales should be considered: microporosity, which can be defined as the saturated pores space; and macroporosity, considered as a twophase system, which may contain both liquid and steam
(Sedighi & Thomas, 2014).

Many studies have evaluated porosity in clayey,
sandy, or cemented soils via image analysis from scanning
electron microscopy (Rozenbaum et al., 2007; Schoonderbeek et al., 1983), 2D/3D X-ray tomography (Lima et al.,
2007; Luo et al., 2008; Pires et al., 2010; Trong et al., 2008)
or a combination of techniques, such as mercury intrusion
porosimetry (MIP) with image analysis (Amirtharaj et al.,
2010; Gribble et al., 2011; Labus, 2001; Marcelino et al.,
2007; Roels et al., 2001; Rouquerol et al., 2012; Tovey &
Houslow, 1995). However, only a few studies have explored the performance of compacted materials in containing acid solutions due to difficulties in obtaining data at the
micropore scale. In addition, the performance of compacted
materials is continuously monitored at a macrostructural
scale by settlement observation, which does not guarantee
efficiency in blocking the percolation of contaminants.
Therefore, determining the porosity and pore size distribution of compacted clayey soils is an essential complementary study.
The goal of this study is to evaluate variations in the
porosity of compacted soil submitted to sulfuric acid
(H2SO4) leachate percolation in different conditions (percolated with water and with 2% H2SO4). Sulfuric acid was
chosen because it has high acidic characteristics similar to
those of the leachate generated by most industrial and mining residues. Two different porosity quantification techniques were used: X-ray microtomography (m-CT) and
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MIP. Examining the porosity and pore size distribution of
the compacted clay soils was necessary to explain changes
at the microstructural scale. Additionally, the examination
may contribute to prediction studies and to the technological development of new materials that could ensure the effectiveness of compacted clay soils as an impermeable
containment barrier.

2. Experimental Procedures
The studied soil samples were obtained from the University of Passo Fundo’s Geotechnical Experimental Site in
southern Brazil. The samples were characterized by their
chemical and mineralogical compositions, content of organic matter, pH, and particle size distribution.
The chemical composition of the soil samples was determined for both pulverized and compacted samples (then
compared to reference materials from approximately 290
national and international analytical standards - NIST) using a PANalytical® Axios Advanced X-ray fluorescence
spectrometer (XRF) with a 4-kV rhodium X-ray tube, a detection capacity above 0.1%, and a scan time of approximately 6 min. Loss on ignition (LOI) was carried out at
1000 °C for 2 h.
The mineralogical composition of the samples was
assessed by X-ray powder diffraction (XRD) with a
PANalytical® Empyrean X-ray diffractometer. The analytical conditions were as follows: 2q angle, ranging from 3°
to 70°, and 10-second time steps. The identification of the
crystalline phases was performed by comparing the sample
diffractogram with the PDF-2 reference database from the
International Centre for Diffraction Data (n.d.) and the
PAN-ICSD - PANalytical Inorganic Crystal Structure Database (PANalytical, 2007).
Organic matter content was determined via the organic matter oxidation method using a sulfochromic solution, as presented by Tedesco et al. (1995). The pH was
measured in H2O (Tedesco et al., 1995). The particle size
distribution was determined by sedimentation according to
standard procedures (ABNT, 1984, 2005).
To define the variables for the percolation tests, different nominal porosities and dry unit-specific weights
were evaluated according to the normal and modified compaction energy values of the soil, which were 41.9%
(15.5 kN/m3) and 45.7% (14.5 kN/m3), respectively, with
26% moisture in both cases. Only one value was used for
moisture because it is the optimum value for both normal
energy and modified energy (plus 2%) typically used in engineering projects. The tests were carried out in 2 blocks,
with each block comprising 2 repetitions for the adopted
nominal porosities. In addition, 4 repetitions were performed in each block for a central point (43.8% - 15 kN/m3)
in order to evaluate the experimental error for mean comparison (identified by “CP” 1 to 8). In one of the experimental blocks, percolation was conducted with distilled
water; in the other, 2% sulfuric acid (H2SO4) was used.
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The percolation tests were conducted over an extended period of time: 30 to 70 days. The tests included
specimens 7 cm in diameter and 6 cm in height, and percolation was performed with a hydraulic gradient of 8.33 m/m
under the application of a constant vertical stress of 280 kPa
to simulate a 15-m height of waste mining over the barrier,
3
with a total specific weight of 18.6 kN/m based on literature data (Bedin, 2010; Schnaid et al., 2006).
After acidic percolation, the specimens were cut into
three layers (top, middle, and bottom layers, considering
downward flow). Samples from each layer were cut into
prismatic shapes with approximate dimensions of 2.0 cm x
0.7 cm x 0.7 cm and were identified by layer (T = top,
M = middle, B = bottom). After the samples were leached,
they were dried. For each layer, the macroscopically measured porosity was determined by theoretical relation to dry
unit-specific weights. Porosity was also determined by
high-resolution m-CT with a Bruker® Skyscan 1172 and by
MIP with Micrometrics Autopore IV equipment according
to the procedure described in ISO 15901-1 (ISO, 2016).
With the m-CT and MIP techniques, the average cumulative
distribution curve of the pores and variations in the pore
size distributions in the specimens’ layers were determined.
The characterization by microtomography comprised three phases: (1) data acquisition via rotation of the
sample in 0.4° steps, resulting in a minimum pixel size of
5 mm; (2) 3D image reconstruction; and (3) binarization of
the generated images (Fig. 1) and grayscale segmentation
corresponding to voids and solids to determine the void
volume (porosity). The segmentation was performed using a numerical algorithm (LI method) available in the Image J® software. Comparatively speaking, this method
best represents the magnitude of values of porosity evaluated.
Regarding image processing, the collection and magnification conditions used in m-CT define the image resolution and, therefore, its constituents. In this study, the detected pixel size was 5 mm (each pixel). For segmentation,
to define a pore, at least 2 pixels were considered, so it was
possible to characterize only pores larger than 10 mm
(10 000 nm).
MIP was performed in the following operating conditions: contact angle of 130°, mercury pressure from 0.5 psi
to 40 000 psi, equilibrium time of 10 s, and mercury surface
tension of 485 dynes/cm. The pore diameter (dp) accessible
to mercury depends on the applied pressure, mercury surface tension, and contact angle with the studied material, as
described by the Washburn equation: dp = -4.g.cosq / Pressure (Washburn, 1921). In the adopted operating conditions, considering an intrusion pressure up to 40 000 psi, it
is possible to characterize the pores down to 4.5 nm.
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Figure 1 - Example of visualization of the analyzed samples: (a) in 2D; (b) after 2D segmentation; (c) a view of a circular cross-section
from a reconstructed solid in 3D, with solid material indicated in gray and voids represented in blue.

3. Results
The sampled soil possessed a low organic matter content (< 0.8%), a high clay-size particle content (68%), and
an acidic pH (pH = 5.5). According to X-ray diffraction
analysis (Fig. 2) and chemical composition (Table 1), the
soil was a kaolinite-based clay with a significant presence
of hematite (Fe2O3 content of 11.7% - Table 1), quartz (SiO2
content of 47.9%) and aluminum oxide (AlO3 content of

26.6%). These characteristics represent promising conditions for use as a base material for containment barriers.
Table 2 shows the porosity results obtained from the
macroscopically measured value determination, via MIP
and m-CT, for specimens tested by percolation with a 0%
and 2% sulfuric acid solution. The specimens were presented according to their central and factorial points, both
of which were related to the nominal porosity values - P
(nominal). Moreover, the median pore diameter (D50) was

Figure 2 - Mineralogical identification of the sampled soil (C - Kaolinite, Q - Quartz, H - Hematite, Ca - Calcite) by DRX.
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The average porosity of the samples percolated with
2% sulfuric acid solution (Table 2, Fig. 3b) was higher in
the upper layers than in the middle and lower layers, with
the exception of samples with a value of 41.9 for nominal
porosity, which had similar porosity values for all layers. In
this case, more efficient compaction may have promoted
more homogeneous percolation of the acid solution in the
samples, besides reducing the transport of particles to the
lower layers.

Middle

4. Discussion

29.5

presented. Comparative data are shown in Fig. 3. Figure 3
also illustrates the average porosity of 8 specimens from the
top, middle, and bottom layers, percolated with water
(Fig. 3a) and 2% sulfuric acid solution (Fig. 3b) and assessed by MIP, mCT, and macroscopically measured.
Figure 4 shows the average porosity assessed by MIP
for the nominal initial porosity of each specimen’s layers
percolated with water (Fig. 4a) and 2% sulfuric acid solution (Fig. 4b).
In Fig. 5, the top row shows the average cumulative
distribution curve of the pores of the top, middle, and bottom layers, assessed by MIP and m-CT, of specimens subjected to percolation with 0% and 2% sulfuric acid solution.
The variations in the specimen layers’ pore size distributions, measured by MIP and mCT after leaching with water
(Fig. 5b) and 2% sulfuric acid (Fig. 5c), are also shown.
Figure 6 shows the correlation between the porosity
obtained from MIP (Fig. 6a) and m-CT (Fig. 6b) and the
macroscopically measured values for samples percolated
with water and 2% sulfuric acid in different layers.

39.3
20.9
36.9
42.6

3.0

25.3

C

35.8
14.2
41.2
29.2

50.6

28.1

O

42.4
29.7
39.0
34.4

10.9

25.9

Loss on ignition

n.d.

< 0.1

38.5
17.4
36.6
33.6

< 0.1

V

34.1
14.5
36.7
36.7

Na

< 0.1

21.7

< 0.1

D50 (m-CT)
P (MIP)
D50 (MIP)
P (Macroscopically measured)

Na2O
V 2 O5

41.1
42.2

< 0.1

38.1
33.0

Mn

39.2
30.5

< 0.1

39.4
29.4

MnO

40.2
32.0

< 0.1

39.4
35.6

P

37.3
34.8

0.1

41.2
37.7

P 2O 5

36.8
33.5

0.2

35.6
37.4

< 0.1

Mg

P (m-CT)

S

0.4

P (Macroscopically measured)

< 0.1

Top

SO3
MgO

CP4

< 0.1

CP7

Zr

CP5

0.1

43.8

ZrO2

41.9

0.3

45.7

1.0

K

43.8

Ti

0.4

41.9

1.7

K 2O

P (nominal porosity)

TiO2

2% H2 S04

< 0.1

CP3

Ca

CP2

< 0.1

CP6

CaO

CP1

14.1

CP8

8.2

Al

CP4

Fe

26.6

CP7

11.7

Al2O3

CP5

Fe2O3

0% H2 S04

22.4

CP3

Si

CP2

47.9

CP6

SiO2

CP1

Content (%)

Specimens

Element

Tests

Content (%)

Table 2 - Porosity obtained by the different methods used on specimens percolated with water and 2% sulfuric acid solution.
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Table 1 - Chemical composition (XRF) and loss on ignition
(LOI).
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Figure 3 - Average porosity of the top, middle, and bottom layers of the 8 (CP1 to CP8) specimens subjected to percolation with (a) water and (b) 2% sulfuric acid.

Figure 4 - Average porosity variation in different layers for each nominal initial porosity in specimens subjected to percolation by (a)
water and (b) 2% sulfuric acid as assessed by MIP.

This behavior, i.e., higher average porosity values for
samples percolated with 2% sulfuric acid solution in upper
layers, might represent evidence for acidic attack on soil
structure, since this result was not observed in samples percolated with aqueous solution, in which the porosity tended
to be similar across layers (0% acid, Fig. 3a). The lower porosities observed in the lower layers after acid percolation
may possibly be due to both the filling of voids in these layers by products from the chemical attack and the closure of
micropores caused by the impact of the applied load of the
upper layers under compression.
Regarding nominal porosity, a total average porosity
reduction of 12% occurred for samples treated with water
and 2% acid when compared with nominal porosity values
(41.9, 43.8, and 45.7). This effect may have been caused by
the vertical load application, not acid percolation.
The disparity in results between MIP and mCT occurred due to the different resolutions of each technique,
i.e., m-CT does not detect micropores. Therefore, the total
porosity assessed by mCT was noticeably lower when compared to MIP and macroscopically measured porosity (Table 2, Fig. 3a,b) (10 to 20% lower). Additionally, the median pore diameter (D50) (Table 2) demonstrated a large
difference between the applied techniques: The pore diam-
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eter in MIP measurements was up to 50% larger than in
mCT; this difference is even more evident in samples percolated with acid solution. Thus, MIP showed smaller D50 values, reflecting a range of smaller-diameter pores and
enabling the identification of micropores (< 2 nm) and
mesopores (between 2 and 50 nm) according to the classification proposed by IUPAC (Rouquerol et al., 1994); m-CT,
on the other hand, only allowed the identification of macropores (> 50 nm).
The pores’ cumulative distribution curve (Fig. 5)
clearly demonstrates differences in terms of range between
the techniques (MIP and mCT). The minimum pore size
evaluated by mCT was 10 000 nm (10 mm), whereas MIP
detected pores as small as approximately 4 nm (0.004 mm).
Regarding pore size distribution, percolated samples of 2%
sulfuric acid (Fig. 5a) demonstrated clear changes in microstructure from the point of view of increasing pore diameter. Moreover, it was observed that percolation with 2%
sulfuric acid equalized the pores’ size distribution, especially in the upper layers (Fig. 5c).
The modification of pore size distribution among the
layers can be explained by the acidic attack on the structure,
which caused an increase in both pore diameter and total
porosity, especially in the upper layers of the tested speci-
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Figure 5 - Pore size distribution of average specimen’s layers by MIP and mCT when leached with: a) water and 2% sulfuric acid; b) water; c) 2% sulfuric acid.

mens. This evidence would not have been obtainable had
only a macrostructural analysis of compacted barriers been
performed, in which changes in hydraulic conductivity and
mechanical behavior would have been observed without
knowing their cause being known. Knowledge about the
impact of pores on soil microstructures can also provide a
better understanding of, for example, which contaminant
transport process is most relevant to the study of subsurface
contamination vulnerability and how to better predict performance with greater certainty and reliability.
In regard to the analytical determination of porosity,
the best correlation was found between the MIP results and
the macroscopically measured porosity (Fig. 6a and Table 2). On the other hand, the porosity determined by m-CT
had a low correlation with the macroscopically measured
porosity (Fig. 6b) because the detection limit of the technique does not allow the quantification of micropores. Al-
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though the micropores contributed little to the total porosity
of the specimens when compared to the volume of
macropores, they did significantly influence the calculation
of the median diameter.
It should be noted that the maximum possible resolution from the m-CT technique is equivalent to 1 mm, which
is far weaker than the resolution obtainable by MIP (4.5 nm
for 40 000 psi of intrusion pressure). To reach a similar resolution in m-CT, the sample size would have to be reduced
to about 1 mm, which would lead to the loss of the sample’s
representativeness.
Analyses by m-CT are often mentioned in the literature because the method is non-destructive and allows the
pore structure to be viewed. Several researchers have successfully used m-CT to quantify porosity, but only for materials with larger particle diameters than clay fractions; besides, these researchers were more interested in macroporous
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Figure 6 - Porosity obtained from (a) MIP and (b) m-CT regarding the macroscopically measured values for samples percolated with water (0%) and 2% sulfuric acid in different layers.

characterization (Lima et al., 2007; Luo et al., 2008; Neto
et al., 2011; Pires et al., 2005). For the study of compacted
soils, m-CT is only partially effective due to the presence of
microporosity.
The use of mercury intrusion under high pressure can
erroneously quantify the porosity of a sample due to the effects of compression or structural changes (Giesche, 2006;
With & Glass, 1997) - this factor should be carefully considered. In addition, ordinary calculations consider pores as
cylinders, which may not represent their actual sizes and dimensions. Despite these disadvantages, this study noted
that mercury intrusion showed the best correlation with the
macroscopically measured porosity as well as the best sensitivity for micropore characterization. The intrusion,
which curved up to 40 000 psi, did not indicate structural
changes in the samples.
In this sense, limitations can be overcome, and the
most satisfactory and conclusive results can be obtained by
using a combination of different techniques. Some studies
in the literature have used a combination of MIP with tomography and other techniques to assess the porosity of porous materials (Abel et al., 1999; Gribble et al., 2011; Roels
et al., 2001); this approach was also considered in this study
and allowed for the characterization of porosity and pore
size distribution.

5. Conclusions
Samples percolated with a solution of 2% sulfuric
acid in compacted clay soil samples suffered changes in the
pore size distribution and an increase in pore diameter in
the specimens; a greater increase in porosity in the specimens’ upper layers was observed due to acidic attack on the
soil microstructure. The porosity assessed by mercury intrusion porosimetry (MIP) showed the best correlation with
the macroscopically measured porosity. The same behavior
was not observed for m-CT results due to limited image resolution, which precluded the identification of micropores.
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Effects of Spatial Variability on Slope Reliability: A
Hypothetical Case Study
E. Muñoz, M.P. Cordão Neto, A. Ochoa
Abstract. Due to the complexity and uncertainty involved in mass movements, it is not possible to predict their occurrence
with accuracy. This uncertainty is due to the space-time variability of physical soil parameters and processes, which
determine the boundary conditions of the problem. In this study, we analyzed the influence of spatial variability of the
parameters that determine soil resistance, the water retention curve and the unsaturated hydraulic conductivity function on
the Factor of Safety of a hypothetical slope. To determinate the parameters to which the slope is more sensitive, we carried
out a sensitivity analysis using the First-Order Second-Moment Method. We assumed that spatial variability follows
normal and lognormal distribution, by using a methodology based on Monte Carlo Simulations and a Kriging process. The
water flow equation is solved using numerical methods and the Factor of Safety was found with the Limit Equilibrium
Method. According to the sensitivity analysis, the parameters that most affect the stability of the slope analyzed are
cohesion, friction angle, air-entry value, and saturated hydraulic conductivity. When varying the air-entry value and
cohesion, the probability distributions have very low dispersion, and mode has values similar to the deterministic values of
Factor of Safety. The hydraulic conductivity variation results in that the values of mode move further away from the
deterministic Factor of Safety as time progresses, increasing at the same time the dispersion. When all parameters are
varied simultaneously, the behavior of the Factor of Safety is highly influenced by the hydraulic conductivity.
Keywords: factor of safety (FS), hydrology, landslides, uncertainty, unsaturated soil.

1. Introduction
Landslides are among the most frequent natural disasters in the world, especially in tropical regions, which are
characterized by having deep and weathered soil profiles,
steep slopes, and high precipitation (Cho, 2014). Understanding the mechanical behavior of soil-water system becomes relevant since landslides cause significant human
and economic losses (Tarolli et al., 2011; Legorreta Paulin
et al., 2016).
Due to the complexity and uncertainty surrounding
the landslide phenomenon, it is not possible to accurately
predict its occurrence (Metya & Bhattacharya, 2015). Uncertainty could be the result of many factors, such as, the
natural spatial and temporal variability of geotechnical and
hydrological parameters (Cho, 2007; Casagli et al., 2009;
Imaizumi et al., 2009), limitations of in-situ research, and
imperfections in the applied model (Lacasse, 2013; Raia et
al., 2013; Athapaththu et al., 2015). However, estimations
of slope safety level are often based upon deterministic values that result in unrealistic hazard assessments, being necessary to develop tools that allow the inclusion of the
effects of probability.
The most common probabilistic approaches used in
geotechnical engineering are namely: Point Estimate
Method, PEM, First-Order Second-Moment Method,
FOSM, and Monte-Carlo Simulation Method, MSM, (e.g.

Chowdhury 1986; Christian et al., 1992; Chowdhury 1992;
Duncan 2000; Griffiths & Fenton 2004; Chok 2008; Griffiths et al., 2009).
The spatial variability of soil properties has been
stochastically studied since Alonso (1976), who showed
the uncertainty level of the parameters involved and the degree of correlation of soil properties. Li & Lumb (1987),
Cho (2007), Wang et al. (2011), and Li et al. (2013) studied
spatial variability under the framework of the Limit Equilibrium Method, LEM, and the Finite Element Method,
FEM. Li & Lumb (1987) discussed some improvements on
the FOSM probabilistic approach to slope design. Cho
(2007) and Wang et al. (2011) presented a numerical procedure for a probabilistic slope stability analysis based on
MSM. Other methods used to study the spatial variability of
soil parameters are the Random Element Method, RFEM,
(e.g., Griffiths & Fenton 2004; Chok 2008; Griffiths et al.,
2009; Hue Le et al., 2015), and the Stochastic Finite Element Method, SFEM, (e.g., Farah et al., 2011; Jiang et al.,
2014).
Among parameters frequently studied are: hydraulic
conductivity (e.g., Griffiths & Fenton 1993; Gui et al.,
2000; Srivastava et al., 2010; Santoso et al., 2011; Otálvaro
& Cordão-Neto 2013), cohesion (e.g., Li & Lumb 1987;
Cho 2007; Li et al., 2013; Tietje et al., 2014), friction angle
(e.g., Cho 2007; Griffiths et al., 2009; Jiang et al., 2014;
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Metya & Bhattacharya 2015), Young’s modulus (e.g.,
Farah et al., 2011; Griffiths & Fenton, 2009), Poisson’s ratio (e.g., Farah et al., 2011), unit weight (e.g., Griffiths et
al., 2011; Wang et al., 2011), air-entry value (e.g., Otálvaro
& Cordão-Neto 2013), void ratio (e.g., Hue Le et al., 2015),
and undrained shear strength (e.g., Griffiths & Fenton
2004; Wang et al., 2011; Li et al., 2013).
In this analysis, we propose a methodology to assess
the influence of spatial variability on unsaturated slope stability based on the MSM and a Kriging process. The
Kriging process is used to interpolate the values of each parameter in the nodes and calculate the value in the element,
while the MSM is employed to find the probability density
function of Factor of Safety, FS.
We use the Finite Elements Method, FEM, and Finite
Difference Method, FDM, to solve the water flow equation
numerically, and the LEM to find the Factor of Safety, FS.
The varied parameters are determined through a sensitivity
analysis with the FOSM. This methodology allows the
varying of soil parameters using the same equations to
solve in space the flow equation numerically, i.e., the shape
functions.

2. Flow and Stability Analysis
When assessing slope stability, the processes occurring within the soil mass due to changes in water content
must be simulated, which is possible by solving the unsaturated soil flow equation. In this analysis, the spatial and
temporal solutions are determined using the FEM and
FDM, respectively.
As the flow equation solution is a function of the hydraulic head, h, it is necessary to define constitutive models
of hydraulic conductivity and water content volume involving h. As water content constitutive relation, we use the Soil
Water Retention Curve, SWRC, by Van Genuchten (1980),
expressed by

k w ( S r ) = k s S rd

(3)

where d = 2b+3, b is a soil empirical exponent, and ks is the
coefficient of saturated hydraulic conductivity.
The pore water pressure, pwp, field obtained from the
flow analysis, and Bishop’s Method are used to calculate
FS. It is noted that we assume a fixed failure surface, corresponding to the most probable surface for the stationary
case. This surface represents the condition with the lowest
FS, i.e., the most conservative condition.

3. Geometry, Initial Conditions and Soil
Properties
The geometry of the analyzed slope is the hypothetical case presented by Otálvaro & Cordão-Neto (2013). The
slope is divided into a mesh of 900 rectangular elements
(approximately 1 m x 1 m). Slope inclination is 1.5 H:
1.0 V, width is 45 m, and height is 10 m. The water table
level is that resulting from the stationary analysis, by imposing pwp equal to zero at the slope foot, and a steady flow
of 7 x 10-7 m/s entering on the left side. Figure 1 shows the
water table position, and slope geometry.
Table 1 shows the values of the soil parameters used
in the modelling. Mean, m, coefficient of variation, CV, and
air-entry values are those estimated by Oliveira (2004) using the “Three-Sigma rule”.
The values of the soil water retention curve parameters are those by Oliveira (2004) and Otálvaro & CordãoNeto (2013), shown in Table 2. The CV of n is determined

m

ù
é
1
1
, m =1 Q=ê
n ú
n
ë1 + ( ah) û

(1)

where a is the inverse of air-entry value, m and n are shape
parameters, and Q is the normalized volumetric moisture
content, defined as
Q=

qw - qr
qs - qr

Table 1 - Soil parameters.

(2)

where qr and qs are the residual and saturation volumetric
contents, respectively. This constitutive relation allows to
obtain the term bw= ¶qw/¶h, which is a measure of the facility of water entering or leaving a soil element due to suction
variations.
As a constitutive relation for the hydraulic conductivity, kw, and the degree of saturation, Sr, it is used the power
law model by Campbell (1974), expressed as
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Figure 1 - Geometry and initial conditions of the problem.

m

CV [%]

18.1

4.2

Effective cohesion c’ [kPa]

2

20

Effective friction angle j [°]

30

Parameter
Unit weight g [kN/m ]
3

ks [m/s]
b

*j [°]

6
-5

1 x 10

90

30

15

*Angle indicating the shear strength change with matric suction
change.
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Table 2 - Parameters of the water retention curve according to
Van Genuchten model.
m

CV [%]

m [-]

0.06

0.6

n [-]

2

0.6

a [-]

8

30

qs [-]

0.463

17

qr [-]

0.04

12

Parameter

by Simota & Mayr (1996), and the CV of qs and qr are those
found by Gitirana Jr. & Fredlund (2005). Table 3 shows the
values of hydraulic conductivity curve parameters, where
the mean of b is obtained from Rueda (2008), and the CV
from the information published by Clapp & Hornberger
(1978). Figures 2a and 2b show the SWRC and the unsaturated hydraulic curve, respectively.

4. Sensitivity Analysis
In order to understand the general influence of mechanical and hydraulic parameters on FS, we perform a sensitivity analysis using FOSM. This method is used because
it has a simple mathematical formulation and permits to
quantify the influence of each variable independently,
without requiring great computational efforts. Mechanical
soil parameters considered as independent variables are:
unit weight, g, cohesion, c, friction angle, j, and rate of increase in shear strength with suction, jb. Hydraulic parameters are those defining the water retention and unsaturated
hydraulic conductivity curves, i.e., n, b, a, ks and qs.

Table 3 - Parameters of unsaturated hydraulic conductivity curve.
m

CV [%]

b [-]

4.6

33

d [-]

12.2

33

Parameter

Figure 3 shows the percent variance of FS, V[FS], of
each parameter at 0, 8, 24 and 40 h, indicating that mechanical parameters have stronger influence on the variance at
initial time, whereas hydraulic parameters become more
important as time increases. For times greater than 24 h, FS
is dominated by hydraulic conductivity. The shape parameters of water retention and hydraulic conductivity curves
have irrelevant influence when compared to ks and j. It is
noted that hydraulic parameters have no influence at time
zero, because the mass matrix, representing the pore pressure variation with changes to the amount of water, is zero
at that time.

5. Parameter Spatial Variation
According to the results obtained in the sensitivity
analysis, the most influential mechanical parameters in FS
behavior are c and j, and the hydraulic parameters are a and
ks, hence we focus on variations within these parameters.
We assume that there is no correlation between any of the
parameters.
To perform the variation, we assign random values of
parameter to each node of the mesh. Then, the values of the
four nodes composing each element are interpolated to obtain the variable value in each element. This interpolation is
carried out with the same shape functions used to solve the
flow equation at spatial dimension
i=4

Pelem m = å p i N i ( 0, 0)

(4)

i =1

where Pelem m is the parameter value in the element m, pi is
the parameter value designated in node i composing the element m, and Ni is the shape functions of node i evaluated in
the local coordinate (0,0). By using the shape function, a
correlation between the parameter values attributed to the
elements is maintained, avoiding abrupt changes among
adjacent elements. Shape functions interpolate values for
each one of the four nodes of the element, and each node
belongs to several elements simultaneously. In other
words, we performed a Kriging process. This process is

Figure 2 - Curves of (a) soil water retention, and (b) unsaturated hydraulic conductivity.
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Figure 3 - Percent variance of FS of each parameter.

based on the basic idea that the value of a function at a given
point can be calculated as a weighted average of the known
values of the same function in the vicinity of the point (Oliver & Webster, 1999; Stein, 2012). In this case, the weights
are given by the shape functions.
The node values for each parameter are assigned following normal and lognormal distributions, with mean and
standard deviation shown in Table 2 and Table 3. In order
to avoid negative or very small values leading to unrealistic
values of FS, we truncate the normal distribution at zero for
all the parameters except for ks, which is truncated at 1 x 10-9
m/s. The probability of negative values is spread within all
the possible values.
Figure 4 shows the fields resulting from interpolation
of the values of the friction angle, indicating that there is a
correlation between the adjacent elements. Fig. 5 shows the
correlograms exhibiting that an important correlation between elements is preserved to a distance of approximately
2 m. These results are similar for both normal and lognormal distributions, and using the Pearson and Spearman correlations.
Figure 6 summarizes the methodology used to vary
spatially each parameter. After generating the parameter
random field and keeping all other parameters and boundary conditions constant, we carried out a short-term flow
analysis (a 24-h rainfall event). FS is found with pwp field
and Bishop’s Method. Following the Monte Carlo Method,
we perform the same procedure ne times for each parameter,
finding ne values of FS. ne is the number of necessary iterations required for Probability Density Functions, pdfs, of
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Figure 4 - The field of value for friction angle assuming (a) a normal distribution, and (b) a lognormal distribution.
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Figure 5 - Correlogram of friction angle following (a) a normal distribution, and (b) a lognormal distribution.

the difference at each time between the generated FS (for
each relative frequency) and the deterministic FS value.
When DFS is zero, the FS of the pdf generated is equal to
the deterministic FS. When DFS is negative, the FS value
obtained is less than the deterministic FS; and when DFS is
positive, the FS generated is greater than deterministic FS.
Figure 7 shows the pdfs of FS obtained by varying the
cohesion parameter. The pdfs following both distributions
have a mode similar to the deterministic FS, and a very low
dispersion, indicating that variations of c’ are irrelevant for
all the times analyzed. Although the cohesion value varies
along the surface of rupture, when performing ne iterations,
the values tend towards the mean.
Figure 6 - Methodology to analyze the influence of spatial variability.

FS to reach a constant shape. Each parameter is individually varied and then all simultaneously so that FS probability functions are determined for different times. By varying
a single parameter, the minimum number of iterations is
1000, and by varying all parameters simultaneously, ne is
5000.
Figures 7 to11 show the pdfs of FS by varying the parameters for different times. The horizontal axis is DFS, i.e.,

Figure 8 shows the pdfs of FS when the friction angle
is varied. The pdfs have a similar mode to the deterministic
FS value, but their dispersion is greater than that obtained
by varying c’. Similarly, the value of the friction angle
tends towards the mean after many iterations, but as j is
multiplied by the effective stress from the stability model,
which varies with time, the dispersion is greater.
Figure 9 shows the pdfs of FS by varying the air-entry
value. When it is assumed a normal distribution, the pdfs of
FS are similar to the ones obtained by varying c’, indicating
a low relevance in the slope stability. However, when it is

Figure 7 - pdf of FS by spatially varying the cohesion following (a) normal distribution and (b) lognormal distribution.
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Figure 8 - pdf of FS by spatially varying the friction angle following (a) normal distribution and (b) lognormal distribution.

Figure 9 - pdf of FS by spatially varying the air-entry value following (a) normal distribution and (b) lognormal distribution.

assumed a lognormal distribution, the mode decreases as
time increases.
The low dispersion of the pdfs of FS is due to the time
when suction begins is controlled by the air-entry value, resulting in a null effect of a variation when the suction has
greater values. The same happens in the soil below the water table level because it is saturated. Consequently, the influence of a is only important at points near the water table
in the unsaturated zone.

Figure 10 shows the influence of variations in saturated hydraulic conductivity. When ks follows a normal distribution the mode and dispersion of pdfs of FS increase
(DFS > 0) when time increases, decreasing the relative frequency of the mode.
When ks follows a lognormal distribution, the dispersion also increases as time increases, but the mode decreases (DFS < 0), and the relative frequency of the mode
increases. These differences are due to FS for the slope

Figure 10 - pdf of FS by spatially varying the saturated hydraulic conductivity following (a) normal distribution and (b) lognormal distribution.
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studied being greater when hydraulic conductivity coefficient values are high and normal distributions assign
higher probabilities to these values than lognormal distributions. The pdfs obtained by varying ks for both distributions show a strong influence on slope stability, since the
dispersion is high and modes do not match the deterministic FS values.
Figure 11 shows that by varying all parameters simultaneously, the pdfs of FS have a similar behavior to the pdfs
resulting from ks variation, confirming the strong influence
of this parameter on slope stability. By assuming normal
distributions for varying these parameters, dispersion is
greater.

Figures 12 and 13 show the relative and cumulative
frequencies and probabilities of failure, Pf, for each time assuming normal and lognormal distributions, respectively.
Although the variability of air-entry value has little influence on stability, the pdfs of FS generated by its variation
move rapidly to the left, reaching high probabilities of failure (100% at 16 h) in a short time.
At 12 h, varying all the parameters simultaneously
and following a normal distribution, the Pf is less than the Pf
obtained by varying the air-entry value, cohesion coefficient, and friction angle, but it is greater than the Pf obtained
by varying ks. This suggests that the Pf decreases when hydraulic conductivity increases.

Figure 11 - pdf of FS by spatially varying simultaneously all parameters following (a) normal distribution and (b) lognormal distribution.

Figure 12 - FS distributions and failure probabilities by spatially varying the parameters for 4, 12 and 24 h, following normal distributions.

Figure 13 - FS distributions and failure probabilities by spatially varying the parameters for 4, 12 and 24 h, following lognormal distributions.
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Table 4 - Time required to reach a Pf equal to 100%.
TPf = 100% [h]

Parameter

Normal pdf

Lognormal pdf

ks

20

16

a

16

16

c

16

16

j

16

16

ks, a, c and j

24

20

When varying simultaneously all the parameters following a lognormal distribution, the Pf is less than Pf obtained by varying ks, a and c, but it is greater than Pf
obtained by varying j. It suggests that spatial variability in
the friction angle throughout the slope decreases failure
probability. Varying the hydraulic conductivity and following a lognormal distribution, the pdf of FS moves more rapidly to the left than when following normal distributions.
This can be explained by higher probabilities being assigned to low coefficients by lognormal distributions.
As the conditions of the slope analyzed are very unfavorable, the failure probability, TPf, is equal to 100% for all
cases at a specific time during the rainfall event. Table 4
shows the times when Pf is 100%, indicating that the slope
reaches this probability after 16 h when are varied a, c and
j, while when it is varied ks and all the parameters simultaneously, the time is greater and depends on the distribution
assumed.

6. Conclusions
We used different approaches to analyze the influence of spatial parameter variability on slope stability. According to the sensitivity analysis based on FOSM the FS of
the analyzed slope is most sensitive to friction angle and
saturated hydraulic conductivity. The influence of mechanical parameters is greater for short times (< 8 h), and it decreases over time, increasing the influence of the hydraulic
parameters. For times close to 24 h, the FS value depends
almost entirely on the saturated hydraulic conductivity, because the location of the water table plays an important role
in the analyzed slope stability, and it varies considerably
with this parameter.
By assuming both normal and lognormal distributions to assign the values in each node, the influence of cohesion and air-entry values is irrelevant, while the influence
of saturated hydraulic conductivity and all parameters simultaneously is very significant. The pdf of FS obtained by
varying all the parameters simultaneously is highly related
to the pdf obtained by varying ks, showing the importance of
conductivity in FS.
For the slope analyzed here, the higher the hydraulic
conductivity coefficient, the greater the FS. This explains
the contradictory pdf behavior of FS by assuming normal
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and lognormal distributions. In the first case, the curves
move to the right over time (DFS > 0), indicating a lower
probability of failure, while in the case of lognormal distributions, which are considered more realistic, curves move
to the left (DFS < 0) as time increases. This is because
lognormal distribution gives higher probabilities to lower
values of ks than normal distribution.
We note that these results are valid only for the hypothetical case analyzed, but the methodology can be easily
implemented to evaluate the spatial variability of soil parameters when the finite elements method is used to solve
the flow equation.
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h: hydraulic head.
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kw: coefficient of hydraulic conductivity.
LEM: Limit Equilibrium Method.
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n: shape parameter of Van-Genuchten equation.
ne: number of iterations.
ni: shape functions.
Pelem m : parameter value evaluated in each element.
Pi: parameter value in each node.
Pr: probability of failure.
pwp: pore water pressure.
SWRC: Soil Water Retention Curve.
Sr: degree of saturation.
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VAR[.]: variance.
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qs: saturated volumetric moisture content.
Q: normalized volumetric moisture content.
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fb: rate of increase in shear strength with suction.
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