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Manuel Rocha Lecture
Manuel Rocha (1913-1981) was honoured by the Portuguese Geotechnical Society with
the establishment of the Lecture Series bearing his name in 1984.
Having completed the Civil Engineering Degree at the Technical University of Lisbon
(1938) he did post-graduate training at MIT. He was the driving force behind the creation
of the research team in Civil Engineering that would lead to the foundation of the National
Laboratory for Civil Engineering (LNEC), in Lisbon. He was Head of LNEC from 1954 to
1974 and led it to the cutting edge of research in Civil Engineering.
His research work had great impact in the area of concrete dams and rock mechanics. He
was the 1st President of the International Society for Rock Mechanics and organized its 1st
Congress in Lisbon (1966). He did consultancy work in numerous countries. He was Honorary President of the Portuguese Geotechnical Society, having promoted with great commitment the cooperation between Portugal and Brazil in the area of Civil Engineering, and
member of the National Academy of Sciences of the USA. Recognized as a brilliant researcher, scientist and professor, with a sharp, discerning intellect allied to a prodigious capacity for work and management, he was truly a man of many talents.

The 2017 Manuel Rocha Lecturer was Prof. Dr. Paul W. Mayne. P.E., Ph.D., a professor of Civil &
Environmental Engineering at the Georgia Institute of Technology. With 41 years in geotechnical engineering, Paul's expertise is in the areas of geotechnical site characterization, including cone,
piezocone, dilatometer, and seismic tests with applications to foundation systems and ground modification. He has given invited lectures internationally and provides CPT workshops & short courses
around the world. Of recent, he completed the 2007 Manual on Cone Penetration Testing (Synthesis
368: www.trb.org), SOA-1: Geomaterial Behavior & Testing at the 17th ICSMGE in Egypt in 2009,
ASCE SOA lecture on in-situ testing (GeoOakland 2012), the 2013 Jennings Lecture in South Africa,
16th Sowers Lecture (2013), James Hoover Distinguished Lecture at Iowa State Univ. (2014), invited
keynote lecture at CPT’14, 2014 Hal Hunt Lecture at the 39th Annual DFI Conference, invited keynote
lecture at ISC-5 Brisbane (2016), and the Nonveiller lecture in Zagreb (2016). Dr. Mayne is an active
member of ASCE, TRB, DFI, ADSC, CGS, USUCGER, and ISSMGE. He served as the chair of the
international committee on in-situ testing (TC 102) from 2000-2013 and as the ISSMGE Vice President for North America from 2013-2017. Of additional note, Paul has worked as a consultant on recent
projects in Australia, Virginia, Washington, South Carolina, Ontario, Puerto Rico, Alabama, Georgia,
Belgium, North Carolina, and Alaska. He is married with one daughter and plays bass guitar.
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Stress History of Soils from Cone Penetration Tests
P.W. Mayne
Abstract. Stress history is an important measurement in soils as it affects strength, stability, stiffness, and flow
characteristics. The evaluation of the in-situ preconsolidation stress, or effective yield stress, from the results of piezocone
penetration tests allows for an economical and expedient means to profile the stress history of clays, sands, and mixed soil
types on geotechnical projects. The methodology is based on a derived analytical cavity expansion - critical state solution
for clays and statistical inversion of data from calibration chamber tests on sands. Applications are given for case studies
involving clay, silt, and sand where laboratory consolidation tests provide benchmark values for the stress history. Since
yield stress demarcates contractive vs. dilative soil behavior, extended uses in screening soil susceptibility for concerns
involving flow and cyclic liquefaction are also presented.
Keywords: clay, cone penetration, overconsolidation, piezocone, preconsolidation, sand, stress history, yield stress.

1. Introduction
The stress history of soils is a significant and important measure of its behavior in terms of stability, strength,
deformational characteristics, and pore pressure behavior.
The effective yield stress (svy’), or preconsolidation stress
(sp’ = Pc’ = svmax’), represents the demarcation between normally-consolidated (NC) states and overconsolidated (OC)
response. It also distinguishes the porewater pressures generated during shear which can either be positive or negative, and the volumetric strain characteristics that can be
contractive or dilative.
Traditionally, the preconsolidation stress was defined
as the maximum past stress that had been physically and
mechanically applied to the soil, such as due to overburden
erosion or glaciation. The more general term of effective
yield stress (svy’ = sp’) has been recommended (e.g., Leroueil & Barbosa 2000; Jardine et al., 2003) since many other
geological and environmental processes can result in a
quasi-preconsolidation effect, such as ageing, cyclic loading, desiccation, repeated wetting-drying, groundwater
changes, alternating freezing-thawing, bio-chemical bonding, etc.

2. Effective Yield Stress
The effective preconsolidation stress or yield stress of
soils is best determined through a series of one-dimensional
consolidation tests performed on undisturbed samples
taken at different elevations in soil formation. A firm
knowledge of the local engineering geology and terrain
helps to put the stress history profile in a best perspective
(Locat et al., 2003). Figure 1 shows an example consolidation test conducted on a specimen of silty clay taken from a
depth of 6.5 m at a highway embankment site in Evergreen,
North Carolina (w = 70.8%, LL = 44%, PI = 19%). Results
are plotted in terms of void ratio (e) vs. log of effective ver-

tical stress (sv’), with a calculated in-situ effective
overburden stress of svo’ = 43 kPa.
Using the classical construction technique from Casagrande (1936), a most probable magnitude of effective
yield stress sp’ = 80 kPa is determined. Following the orange dashed line, a minimum estimate of 65 kPa and maximum estimate of 90 kPa can also be extracted. Beyond this
procedure, some 30 different graphical methods have been
developed for the evaluation of sp’ from consolidation test
data (Ku & Mayne 2013).
The preconsolidation stress can be presented in
dimensionless terms using a normalized form called the
overconsolidation ratio (OCR), or the more generalized
yield stress ratio (YSR), which is defined by:
YSR =

s¢p
s¢vo

(1)

The yield stress and YSR affect the behavior of soils
and the magnitude of many geoparameters. A partial listing
of the influence and significance of sp’ and YSR is given in
Table 1.
Another convenient parameter for representation of
soil stress history is the yield stress difference, YSD, which
is defined (Locat et al., 2003):
YSD = ( s¢p - s¢vo )

(2)

The advantage of the YSD is that it is constant with
depth for soil deposits that have become preconsolidated by
erosion, glaciation, and/or excavation, where in contrast,
the magnitude of YSR decreases with depth (Mayne
2007b). For soils that have a quasi-preconsolidation effect
due to ageing, a constant YSR with depth is observed.
While oedometer and consolidometer tests will remain the benchmark for determining stress history profiles,
there are often cases when “undisturbed” samples are diffi-

Paul W. Mayne, Ph.D., Professor, Civil & Environmental Engineering, Georgia Institute of Technology, 790 Atlantic Drive, 30332-0355 Atlanta, GA, USA. e-mail:
paul.mayne@ce.gatech.edu.
Invited Lecture, no discussions.
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(SCE) theory and Critical State Soil Mechanics (CSSM), as
detailed by Mayne (1991, 2005) and Chen & Mayne
(1994). The SCE-CSSM formulation provides for separate
evaluations for the YSR in terms of the net cone resistance
(qnet = qt - svo) and/or the measured excess porewater pressure (Du = u2 - u0):
1

q t - s vo
é
ùL
ê
ú
s¢vo
ú
YSR = 2ê
p 1ùú
ê é2
+
+
+
M
I
1
(ln
)
R
ê êë 3
4 2 úû úû
ë

(3)

1

Du
é
ùL
-1 ú
ê
¢
s vo
ú
YSR = 2ê
ê 2 M ln( I ) -1 ú
R
ê3
ú
ë
û

Figure 1 - Post-processing consolidation test results on clay from
Evergreen, North Carolina for evaluating yield stress.

cult to procure because of the silty to sandy nature of the
ground, inevitable sample disturbance, ageing and storage
effects, and stress relief, as well as the expense and necessary time required for laboratory testing. Therefore, it has
become of great interest and motivation in seeking in-situ
test based methods to evaluate stress history profiles of
soils, specifically using the cone penetration test (CPT) and
piezocone (CPTu). These acquired data can be used to complement the laboratory program and fill in gaps between
sampling depths and locations.
The interpretation of a full suite of geoparameters using CPT and CPTu is detailed elsewhere (Robertson 2009;
Schnaid 2010; Mayne 2015).

where M = 6sinf’/(3 - sinf’) = frictional envelope in Cambridge University type q - p’ space, IR = G/su = undrained rigidity index, G = shear modulus, su = undrained shear
strength, and L = 1 - Cs/Cc = plastic volumetric strain potential, with Cs = recompression or swelling index, and
Cc = virgin compression index. The value of L » 0.8 for
most clays (Ladd & DeGroot 2003).
For soft to firm clays, the shear-component of
porewater pressures is small (< 20%) of the total measured
porewater pressures (Baligh 1986; Burns & Mayne 2002).
Thus, neglecting that component, Eq. (4) can be reduced
without much error to:
1

Du
é
ùL
ê
ú
s¢vo
ú
YSR = 2ê
ê 2 M ln( I ) ú
R ú
ê3
ë
û

3. Analytical SCE-CSSM Model for CPTU in
Clays
A hybrid analytical model for piezocone penetration
in clays was developed from Spherical Cavity Expansion

(4)

(5)

Finally, by combining Eqs. (3) and (4), a third estimate of OCR can be formulated in terms of effective cone

Table 1 - Importance of yield stress and YSR = sp’/svo’ on soil behavior and geoparameters.
Geoparameter or behavioral facet

Relevance

Degree of overconsolidation
Settlement analysis

Demarcates recompression from virgin compression on consolidation: e-log sv’

Undrained shear strength

su/svo’ = 1/2sin f’YSR where L = 1 - Cs/Cc and f’ = friction angle

Geostatic lateral stress
Porewater pressures
Anchors the yield surface
Elastic soil moduli
Small-strain stiffness
Screening for flow liquefaction of soils
Screening for cyclic liquefaction potential

204

Separates normally-consolidated (NC) and overconsolidated (OC) regions
L

sin f ¢

K0 = (1 - sin f’)YSR
Skempton’s parameter Af
Constitutive soil models
E’ and Eu
k
Gmax = F(e) p’ YSR where F(e) = void ratio function p’ = effective stress and k =
plasticity effect
Alternate to state parameter (y) separating contractive vs. dilative response
Supplement to CSR and CRR
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resistance (qE = qt - u2) that removes the reliance on rigidity
index (IR):
é
æ q t -u2
1
ç
YSR = 2ê
ç s¢
+
.
M
1
95
1
vo
è
ë

1

öù L
÷ú
÷
øû

(6)

The above equations can be simplified from power
law expressions to form linear equations for evaluating effective yield stress in intact clays. Adopting a value L = 1,
the three CPTu formulae given by Eqs. (3), (5), and (6) are
reduced to:
s¢p =
s¢p =
s¢p =

q t - s vo
M (1+ 1 3 ln I R )

1

u2 -u0
3 M ln I R

q t -u2
0.957M + 0.5

(7)

Figure 3 - Effective stress paths for CIDC and CIUC tests on
brown clay at Bissell Bridge, Hartford, Connecticut (data from
Long et al., 1978).

(8)

(9)

3.1. Case study – Hartford, Connecticut
Geotechnical investigations for a five-story hotel in
Hartford, Connecticut included soil borings and series of
seismic piezocone tests (SCPTu) for settlement and bearing
capacity analyses of shallow spread footings. The site is located adjacent to the Connecticut River and a representative SCPTu is shown in Fig. 2. The profile indicates an
upper 11.5 m thick sand stratum underlain by a firm clay
that extends to about 26 m. Lab data from the nearby Bissell
Bridge are available (Long et al., 1978), with a summary of
drained and undrained triaxial compression tests indicating

an effective stress friction angle f’ = 23° for the brown clay,
as presented in Fig. 3. The SCPTu results can be used to estimate the rigidity of the clay (G taken at 50% of strength)
from a recent formulation developed by Krage et al. (2014):
( I R ) 50 =

181
. G0
0. 75
( q net ) ( s¢vo ) 0. 25

(10)

where G0 = rTVs is the small-strain shear modulus and
rT = total soil mass density. For the current data, an average
value of IR = 127 was obtained.
Using Eqs. (7), (8), and (9) with f’ = 23° and IR = 127
gives the three separate and corresponding profiles of yield
stress and YSR shown in Fig. 4. These agree well with the
results of one-dimensional consolidation tests reported by
Long et al. (1978).
2

Figure 2 - Representative seismic piezocone sounding at site in Hartford, Connecticut.
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Figure 4 - Profiles of effective yield stress and YSR from consolidation tests and SCPTu at Hartford site.

3.2. Yield stresses from CPTU in soft inorganic clays
The full range for measured effective stress friction
angle of natural clays is in the range 17° £ f’ £ 43°
(Diaz-Rodriguez et al., 1992). A review of triaxial data
from 453 clays indicates a mean f’ = 28.6° with standard
deviation S.D. ± 5.0° (Mayne 2013). Ranges of the rigidity
index are much larger, yet the SCE-CSSM expressions are
a function of ln(IR), so much more forgiving in exactitude.
Shear modulus is highly nonlinear from the nondestructive
range at G0 to intermediate values at medium strains (G)
and low values at peak strength (Viana da Fonseca et al.,
2011). Full ranges of laboratory-measured rigidity indices
for soft clays is reported as: 40 £ IR £ 600 that decreases
with increasing YSR (Casey et al., 2016). A default value is
often taken as IR = 100 (e.g., Teh & Houlsby 1991).
For intact inorganic clays of low sensitivity and low
OCR < 3, the SCE-CSSM expressions can be further simplified for practical use by adopting characteristic values of
f’ = 30° and IR = 100 (Mayne 2001, 2005):
s¢p = 0.33( q t - s vo )

(11)

s¢p = 0.54(u 2 - u o )

(12)

s¢p = 0.60( q t - u 2 )

(13)

Of course, these coefficients should be adjusted based
on local geologies and site-specific geomaterials, where
possible.
These relationships have been studied for a wide variety of clays, including statistical studies involving: 206 different sites (Chen & Mayne 1996); 22 sites in Canada
(Demers & Leroueil 2002); 17 Norwegian clays (Karlsrud
et al., 2005); as well as individual sites, e.g., Pisa, Italy
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(Jamiolkowski & Pepe 2001); Costa Rica (Eller et al.,
2014). Results from Swedish clays give similar values
however the coefficients appear to trend with plasticity index (Larsson & Mulabdic 1991; Larsson & Åhnberg 2005),
whereas the study involving clays of eastern Canada did not
show such a trend (Demers & Leroueil 2002).
3.3. Soft clay at Torp, Sweden
For soft intact clays, it is warranted to utilize all three
equations, as redundancy can be helpful in geotechnical site
characterization. If the three methods show consensus, then
this helps to validate a “well-behaved” clay and encourages
further use of these relationships in the geological setting.
An illustrative application of all three solutions given by
Eqs. (11), (12), and (13) is given in Fig. 5 for a soft clay site
in Torp, Sweden (Larsson & Åhnberg 2003). The estimated
profiles of sp’ and YSR from the CPTu-estimates compare
well with the rather large set of consolidation test results at
this site.
If the three methods show disparities, then a closer
examination and scrutiny of the laboratory and/or field data
may be warranted, perhaps providing justification that additional testing and investigation should be conducted. lf
unusual mineralogy exists in the soil (i.e., calcite, diatoms,
forams, etc.), it may be possible to re-tune these equations
for the particular geologic formation attributes (e.g., Mayne
2005).
In highly sensitive or structured clays, it has been recognized that Eq. (11) gives a slight underprediction in the
sp’ profile, while a serious overestimation occurs with
Eq. (12) and a large underestimate when using Eq. (13). For
clays with a very pronounced strain-softening after peak in
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Figure 5 - CPTu data and YSR evaluations for Torp clay, Sweden (data from Larsson & Åhlberg 2003).

their stress-strain-strength behavior, a modified SCECSSM is available (Agaiby & Mayne 2018).
3.4. Yield stresses in organic clays using CPTu
The fitted coefficients in Eqs. (11), (12), and (13) for
a number of soft organic clays in Brazil are reportedly quite
different (Coutinho & Bello 2014). For instance, 0.125 qnet
and 0.154 qE are recommended (Baroni & Almeida 2017).
This may reflect either a higher operational value of friction
angle and/or rigidity index than the above adopted “characteristic” values used in the SCE-CSSM solution, or perhaps
can be related to the organic content and mineralogy of
these clays. An adjustment for the coefficients is necessary
for the organic sulfide clays of Sweden (Larsson et al.,
2007). Here, the normal coefficients (0.33, 0.53, 0.60) are
better fitted with values (0.22, 0.68, 0.28).
In lieu of adjusting the coefficients, an alternative approach to addressing sp’ in organic clays is offered in the
Section 5 of this paper.

0. 22
é
æq ö
ê 0192
. çç net ÷÷
ê
è s atm ø
YSR = ê
0. 31
ê(1 - sin f¢)æç s¢vo ö÷
çs ÷
ê
è atm ø
ë

1

ù sin f ¢- 0. 27
ú
ú
ú
ú
ú
û

(14)

Taking a characteristic value of friction angle
f’ = 35.5° for clean sands, Eq. (14) reduces to the linear format:

4. Yield Stress Evaluation in Sand from CPT
A statistical review of over 626 calibration chamber
tests on 26 different clean sands of silica and quartz constituency has been compiled (Mayne 2001). By inversion, this
study determined relationships between the measured net
cone resistance (qnet) and the applied stress state, including
effective vertical stress (svc’), lateral stress ratio
(K0 = svc’/svc’), and induced OCR, as summarized in Fig. 6.
A direct expression for evaluating the YSR in clean sands is
given by (Mayne 2005):
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Figure 6 - Inversion relationship from CPT chamber tests on 26
different quartz-silica sands.
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0. 7 0. 3
s¢p = 0.08q net
s atm

(15)

Using SI units, the reference stress is satm = 1 bar =
100 kPa, therefore Eq. (15) further diminishes to the even
simpler expression:
0. 7
s¢p = 0.32q net
( units of kPa)

(16)

which bears an uncanny resemblance to the expression for
clay given by Eq. (11). As shown by Fig. 7, the simplified
approach for clean sands compares well with the more rig-

orous algorithm given by Eq. (14) for the specified ranges
of f’, stress level (svc’), and normalized cone resistance.
For high stress levels and high values of f’, the simplified
approach will underpredict the yield stresses.
4.1. Case study from Blessington Sand Site, Ireland
The aforementioned approach can be applied to a case
study involving dense OC sands in Blessington, Ireland
(Doherty et al., 2012). The site is used by Univ. College
Dublin for offshore pile research (Gavin et al., 2013). The
glacially-derived dense fine sands have an in-place relative
density around 100% and mean particle size: 0.10 < D50
(mm) < 0.15 mm. Mineralogies include a predominance of
quartz with calcite component, and subsets of feldspar,
mica, and kaolinite fractions.
Measured cone tip resistances from 4 CPT soundings
at the test site are presented in Fig. 8a. Samples of the sand
were procured using sonic drilling methods that were later
tested in the laboratory consolidometer to define the yield
stress (sp’) per Casagrande method. The interpreted profiles of yield stress from the simplified CPT approach are
shown in Fig. 8b along with a comparison to the lab reference values, with good agreement evident.

5. Generalized Profiling of YSR by CPT

Figure 7 - Comparison of yield stress of sands from statistical algorithm and simplified solution.

For the general case of evaluating effective yield
stress in all soil types, Fig. 9 provides a compilation of data
from a variety of natural formations, including sands, silts,
clays, and mixed geomaterials. The independent expres-

Figure 8 - Profiles of cone resistance and yield stress ratio in dense overconsolidated sands at Blessington, Ireland (data from Doherty et
al., 2012).
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Qtn =

q t - s vo
s atm
æ s¢vo
ç
çs
è atm

ö
÷
÷
ø

(20)

n

and the normalized sleeve friction (F) is determined from:
F(%) =

100 f s
q t - s vo

(21)

The exponent “n” varies from 1 in intact clays to
around 0.5 in sands. It is specifically determined from
(Robertson 2009):
æ s¢
n = 0.381I c + 0.05çç vo
è s atm
Figure 9 - Yield stress vs. net cone resistance for wide range of
geomaterials (after Mayne, Coop, Springman, Huang, and
Zornberg 2009).

sions for clays and sands can be united to provide the general format:
1 -m ¢

æs ö
s¢p = 0.33( q t - s vo ) m ¢ ç atm ÷
è 100 ø

(17)

where the exponent m’ increases with fines content and decreases with mean grain size. Specifically, the value of
m’ » 0.72 in clean quartz sands, 0.8 in silty sands, 0.85 in
silts, and is 1.0 in intact clays of low sensitivity. It may even
take on values of 1.1+ in fissured geomaterials. If only SI
units are used (kPa), the form simply becomes:
s¢p = 0.33( q t - s vo ) m ¢ ( in kPa)

(18)

For soft organic clays, it appears the exponent takes
on value of around m’ = 0.9 ± 0.1, thus site-specific calibrations will be required when working with these soils. As indicated in Section 3.5, an alternate approach is to adopt
m’ = 1 and employ a lower coefficient.

ö
÷ - 0.05 £ 1.0
÷
ø

(22)

Thus, an iterative solution is needed to find Ic. In
terms of soil classification, sands are identified when
Ic < 2.05 while clays are found when Ic > 2.95. Intermediate
soil types to these values include sandy mixtures and silty
mixtures that are separated at Ic = 2.60, which is also the
threshold for soil behavior: i.e., drained when Ic < 2.60 and
undrained when Ic > 2.60.
The material index Ic also provides a means of quantifying the magnitude of the yield stress exponent m’ for the
automatic CPT profiling of sp’ in homogeneous soils, heterogeneous deposits, mixed geomaterials, and stratified
formations. Figure 10 shows the trend between m’ and CPT
index (Ic) given by:
m ¢ =1 -

0.28
æ I ö
1+ç c ÷
è 2.65 ø

25

(23)

Where possible, the interpreted sp’ results should be crosschecked and validated with other information, such as the
results from one-dimensional consolidation tests on highquality undisturbed samples, as well as the geologic stress
history. In certain cases, additional results and corroboration may be obtained by running other in-situ tests, such as
the flat plate dilatometer test (DMT) and/or vane shear test
(VST), as discussed elsewhere (Schnaid 2009).

5.1. Yield stress exponent from CPT material index

5.2. British Columbia

The CPT material index Ic is used to evaluate soil behavioral type from cone penetrometer readings in natural
soil formations (e.g., Riyis & Giacheti 2017), mine tailings
(Schnaid et al., 2014), and soil liquefaction assessment
(Rodrigues et al., 2016). Details are given by (Robertson
2009) where the index is determined by:

A representative SCPTu sounding shows a stratified
soil profile from the Golden Ears Bridge south of Vancouver, British Columbia in Fig. 11 (Niazi et al., 2010). The
profile indicates silty to sandy layers that occupy the upper
40 m and overlie deeper deposits of clays to sensitive clays
that extend to at least 95 m below grade. The sand-clay demarcation is evident from the change in porewater pressures readings at around 40 m, as well as the CPT material
index profile shown in Fig. 12. Yet despite the abrupt transitions from silts to sands to clays, the post-processing of
the CPT data in these geologically-related Holocene units

I c = (3.47 - log Qtn ) 2 + (1.22 + log F) 2

(19)

where Qtn = normalized cone resistance that is defined by:
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shows a consistent and gradual yield stress profile indicating lightly-overconsolidated sediments with low YSRs. Although no lab consolidation tests were available, estimated

yield stresses from shear wave velocity measurements
(Mayne 2005) confirm the low values of YSR » 1.5, as
shown by Fig. 12.

Figure 10 - Exponent m’ for yield stress evaluation vs. CPT material index in non-cemented quartz-silica sands and inorganic clays of
low sensitivity.

Figure 11 - Representative SCPTu at Golden Ears Bridge, BC (Niazi et al., 2010).
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Figure 12 - Interpreted profiles at Golden Ears Bridge: (a) CPT material index; (b) soil behavioral type; and (c) effective yield stresses.

6. Soil Liquefaction
Two primary concerns in soil dynamics include: (a)
flow liquefaction associated with mine tailings and dam
stability; and (b) cyclic liquefaction caused by earthquakes.
For both topics, critical state soil mechanics (CSSM) provides a rational and useful framework for the understanding
and evaluation of soils that are prone to liquefaction (Viana
da Fonseca 2011).
The approach to using CSSM for flow and cyclic liquefaction in sands has been via use of the state parameter:
y = e0 - eCSL, where e0 = initial in-situ void ratio and
eCSL = void ratio at critical state for constant effective stress
(Jefferies & Been 2006; Idriss & Boulanger 2008). Sands
that are prone to liquefaction are contractive and have a
characteristic y > 0, while in contrast, dilative sands are not
so susceptible and exhibit y < 0. The value of y = 0 is therefore a theoretical screening value, however, often a threshold y = -0.05 has been adopted for practical purposes and
conservative benchmark (Robertson 2010).
While y works well, the methodology can be alternatively represented in terms of YSR just as effectively.
Herein, we shall explore its vantages within a simplified
version of CSSM (Mayne et al., 2009; Holtz et al., 2011).
As presented in Fig. 13, the critical state line (CSL) can be
represented in terms of y as a drained stress path, or alternately as an equivalent YSR, termed YSRCSL. In fact, YSR
and y have been interrelated through their compressibility
parameters (Cc, Cs) and frictional properties (f’), as shown
by Been et al. (1988) and Plewes et al. (1992).
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Figure 13 - Simplified critical state soil mechanics and definition
of state parameter.

For the mode of simple shear, simplified CSSM provides the magnitude of excess porewater pressures during
undrained shearing:
Du = (1 - 12 cos f¢ × YSR L ) s¢vo

(24)

For clays, a characteristic value of L = 0.80 ± 0.10 is
well recognized (Ladd & DeGroot, 2003). Compressibility
parameters for various sands were reviewed by Been et al.
(1987) including Monterey, Ticino, Hokksund, Ottawa,
Reid Bedford, and Hilton Mines. The measured Cc and Cs
values indicate an overall mean L = 0.790 with
S.D. = 0.164 (n = 24) for these sands. Thus, the value of
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L = 0.80 can be considered characteristic for soils in general.
The boundary separating contractive and dilative soil
behavior is defined when Du = 0 during undrained shear.
The corresponding YSR at critical state is then calculated
as:
1

YSR CSL

æ 2 öL
÷÷
= çç
è cos f¢ ø

(25)

Analogous to the y threshold, this YSRCSL becomes
the threshold for identifying contractive unstable soils from
those that are dilative and rather stable (Mayne et al., 2017).
In fact, Robertson (2012) suggested that a YSR = 4 was a
reasonable threshold for this purpose.
For purposes of calculating the yield stress ratio at the
critical state, the following equations can be recommended
for the effective friction angle (Mayne 2007a):
when Ic < 2.6,
f’ = 17.6° + 11.0° log (Qtn)

ing in tailings comprised of sandy silts are presented in
Fig. 14 (Been et al., 2012). Adjacent soil borings with sampling, and laboratory testing indicated that most recovered
samples had fines contents (FC) ranging from 45% to 75%,
generally FC > 50%. Per the Unified Soil Classification
System (USCS), these tailings are predominantly low-plasticity sandy silts (ML) with clay fractions (CF < 0.002 mm)
less than 10%. In addition to the qt profile in Fig. 14a, the
soil behavioral type classification system using the CPT
material index (Ic) is shown in Fig. 14b, indicating primarily silty mixtures with mixed sandy zones, in agreement
with the borings and lab results.
The interpreted yield stresses are generally just above
the current effective overburden stresses, thus these geomaterials are normally- to lightly-overconsolidated (NC to
LOC). At depths > 3 m, Fig. 14c shows the YSR profiles are
generally below 3 and thus contractive over the rest of the
sounding to 22 m. This agrees well with the more elaborate
CPT analysis for state parameter (Been et al., 2012) shown
in Fig. 14d, clearly showing a y > -0.05 over most of the
profile.

when Ic > 2.6,
f’ = 29.5°Bq

0.121

6.2. Cyclic liquefaction example - Christchurch
[0.256 + 0.336Bq + log(Qtn)]

6.1. Flow liquefaction example - tailings
At a gold mine facility (site A) in western USA, results from the processing of a representative CPTu sound-

The same procedure using a threshold YSRCSL to separate contractive vs. dilative soils can be implemented for
screening cyclic liquefaction susceptibility (Mayne & Styler 2018).

Figure 14 - Flow liquefaction evaluation in gold tailings with profiles: (a) cone resistance, (b) CPT material index, (c) threshold YSR approach, and (d) state parameter (data from Been et al., 2012).
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A selected liquefaction case study at Site 19 in Brighton, a suburb of Christchurch, New Zealand that had experienced damages during the 2010-2011 sequences of large
earthquakes will be used for illustration. Full details on the
liquefaction site are given in Green et al. (2014) and a quick
summary of the post-processing of the CPTu sounding is
presented in Fig. 15. The measured cone tip resistance (qt)
is shown in Fig. 15a with corresponding soil behavior type
by CPT index Ic given in Fig. 15b, indicating primarily
sands over the 14 m profile, with a shallow silty sand to
sandy silt evident in the 2 to 3 m depth range.
Using the YSRCSL threshold clearly shows contractive
soil layer in the 2-3 m depths and a thicker critical layer
from 6 to 10.5 m. A full cyclic stress-based liquefaction
analysis was performed for this site using the standard procedures (Robertson & Wride 1998; Youd et al., 2001). This
approach involves a number of steps, including: (a) evaluating of the cyclic stress ratio, CSR; (b) adoption of a
threshold triggering curve termed the cyclic resistance ratio, CRR; (b) calculating the stress-normalized cone resistance, Qtn; (c) evaluating CPT index, Ic; (d) correcting the
cone resistance to an equivalent value for clean sands, designated: Qtn-cs based on estimated fines content: Qtn-cs = Kc
Qtn. For this site, a moment magnitude Mw = 6.2 and peak
ground acceleration PGA = 0.35 g were used in the standard liquefaction procedures to determine the level of
ground shaking (i.e., CSR) and the calculated Qtn-cs profile
provided the available soil resistance. This determined the
relative profiles of CSR7.5 and CRR7.5 as shown in Fig. 15d.
Green et al. (2014) identified sand layer 1 as the critical

layer, yet the analyses also showed a thinner and shallower
sandy layer that has a high probability of liquefaction. For
both layers, the threshold YSR approach clearly recognizes
these two sand layers as contractive. Those layers match
well with the layers identified by the more rigorous and detailed post-processing procedures.
6.3. Flow liquefaction analysis at Neves Corvo mine,
Portugal
Results from CPT and laboratory testing in copper
and copper-tin mine tailings at the Neves Corvo mine in
southern Portugal are reported by Been et al. (2002). Sounding CPT-001 has been post-processed to look at the flow
liquefaction potential in these fine-grained tailings, as presented in Fig. 16. The tailings are a special paste fill with
cement added to increase stability. Results are shown for
the following: (a) cone tip resistance, (b) material index according to Robertson (2009), (c) YSR and threshold value
at CSL; (d) state parameter per the Jefferies & Been (2006)
type analysis reported by Been et al. (2002). For the latter, a
zone from 4 to 18 m is indicated to be contractive based on
the y criterion. Using the YSR criterion, however, a much
larger zone of tailings can be considered contractive.

7. Conclusions
A generalized approach to profiling yield stresses in
soils from cone penetration tests has been developed from
three primary sources: (a) analytical cavity expansion - critical state solution for clays; (b) database of large calibration
chamber tests on sands; (c) field and lab data from world-

Figure 15 - Cyclic liquefaction case study in natural sands at Site 19, Brighton, Christchurch with profiles: (a) cone resistance, (b) CPT
material index, (c) threshold YSR approach, and (d) traditional CRR-CSR comparison (data from Green et al., 2014).
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Figure 16 - Flow liquefaction analysis in copper tailings in southern Portugal with profiles: (a) cone resistance, (b) CPT material index,
(c) threshold YSR approach, and (d) state parameter (Note: CPT data and interpreted y from Been et al., 2002).

wide sites for verification and geoparameter backfitting. In
SI units of kilopascal, the yield stress is evaluated simply
from sp’ = 0.33(qnet)m’ where the exponent m’ tracks well
with CPT material index, Ic. The yield stress ratio
(YSR = sp’/svo’) demarcates the sorting of normally-consolidated and overconsolidated soils, thus used extensively
in embankment and foundation settlement analyses. The
YSR also affects the normalized undrained shear strength
(su/svo’), porewater pressures during shear (Du/svo’), soil
stiffness (e.g., Eu, Gmax), as well as the initial state (K0).
Moreover, YSR within a critical state framework can be
used to distinguish contractive and dilative soil behavior,
thus find application in problems involving flow and cyclic
liquefaction.
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Stabilised Soil Layers Enhancing Performance
of Transverse-Loaded Flexible Piles
on Lightly Bonded Residual Soils
N.C. Consoli, V.P. Faro, F. Schnaid, R.B. Born
Abstract. A set of crosswise-loaded flexible piles was tested in binder stabilised top sand layers embedded in lightly
bonded residual soil. Slope indicators were used to measure horizontal displacements in free-headed flexible piles during
all loading stages. The geometry of the cement stabilised top sand layer surrounding the piles varied from about 2 to 4 times
the pile diameter and 0.1 to 0.3 times the pile length. Experimental outcomes present an important enhancement in the
performance of the flexible piles under transverse load when a cement stabilised sand layer replaces top residual soil,
increasing bearing capacity and reducing maximum horizontal displacements at any given working load. At large
horizontal displacements (close to failure), a linear relation is observed between the lateral load and the total lateral area
compressing the natural soil around the pile. This evidence helps identifying the pile-soil interaction mechanism and
provides sound normalization for test results, both considered necessary steps towards the development of a design concept
for predicting lateral pile response.
Keywords: flexible piles, residual soil, top soil stabilisation, lateral load, pile field-testing.

1. Introduction
The performance of piles subjected to lateral loads is
known to be mainly controlled by the properties of the soil
near the surface (Simons and Menzies, 1975; Poulos and
Davis, 1980; Verruijt & Kooijman, 1989; Basu et al., 2009;
Faro et al., 2015). It is for this reason that Simons and Menzies (1975) suggest being beneficial to replace poor surface
soils by compacted gravel. Poulos & Davis (1980) presented an overview of methods conceived to increase the
lateral resistance of piles by increasing the dimensions
and/or stiffness of the piles near the ground surface. These
methods comprise the use of sand or gravel fills, the insertion of wings around the pile (only near the surface), concrete collars, mortar and even short piers or beams surrounding the piles.
For analysing laterally loaded piles in a layered elastic continuum, numerical methods were used (e.g. Verruijt
& Kooijman, 1989). Basu et al. (2009) supported the development of an analytic framework for assessing the response
of transversally loaded piles in multi-layered elastic soils.
Higgins et al. (2013) analysed laterally loaded pile performance using the Fourier FEM and two-layer elastic soil
with constant modulus within each layer.
Field-tests in laterally loaded piles were carried out
by Cintra (1981), Miguel (1996), Del Pino Jr et al. (2002)

and Almeida et al. (2011) in a lateritic soil profile in order
to establish values of coefficient of soil reaction. Consoli et
al. (2016) subjected long piles to transversal load in residual soil sites and found out that lightly bonded soil might
not be analysed as sedimentary fine-grained soils once the
pile-soil interaction is analysed. Ferreira et al. (2006) and
Miranda Jr. (2006) performed lateral load tests on different
pile types, including omega screw piles, continuous flight
auger piles, bored piles, and small diameter drilled shaft
(root piles). Those tests were performed with soil in natural
condition, flooded, and also with a cemented soil top layer.
Conclusions pointed to a gain of approximately five times
in the soil reaction coefficient due to the cemented soil
layer. Rollins et al. (2010) performed full-scale lateral load
tests on a pile group in clay before and after construction of
soil mixing and jet grouting walls on either side of the pile
group. According to the authors, both soil mixing and jet
grouting provided significant increase in the transverse
load of pile clusters. Although these results provide important insights to pile design, there is no established method
to estimate the lateral load vs. lateral displacement response
of a pile embedded in cement-treated soil and subjected to
lateral load. The response ought to take into consideration
the lateral resistance of the adjacent soil, especially the
near-surface soil type that controls the load-displacement
performance of the pile (Faro, 2014; Faro et al., 2015).
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In the present research, an attempt is made to extend
these early views by interpreting results of crosswise load
tests carried out in flexible piles embedded in lightly
bonded residual soil with binder-stabilised top sand layers
considering distinctive thicknesses and diameters around
piles. Different improved top layers geometries were tested
under a particular diameter-to-length ratio and, based on
these results, an attempt is made to normalize data in order
to help the elaboration of design methods. This follows
studies of shallow foundations bearing in cement treated
layers (Thomé et al., 2005; Consoli et al., 2008, 2009) and
plate anchors subjected to pullout loads (Consoli et al.,
2013), as well as short rigid piles embedded in cement
treated soils subjected to lateral load (Faro et al., 2015).
It is important to recall that residual soils are a product of rocks in situ weathering. According to Leroueil &
Vaughan (1990) and Blight (1990), stress history has little
influence on residual soil properties since both the crystallisation associated with the formation of mother rocks
and the precipitation of mineral cells create interparticle
bonding. The porous cemented structure leads to distinctive
geotechnical characteristics that are quite different from
those of transported soils with similar densities and grain
size distribution. According to Consoli et al. (1998), prestressing lightly bonded residual soils produces substantial
damage to the cemented structure with considerable reduction in initial soil stiffness. According to the same authors,
it is important to notice that the result of prestressing
slightly bonded residual soils contrasts with ordinary patterns produced by overconsolidation in which soil stiffness
is expected to increase along with increasing maximum
past mean consolidation stress.

2. Soil Features
The present investigation reports data from transversally loaded piles in cement treated sand layers embedded in lightly bonded residual soil. Subsequently to pile
execution and previously to the compaction of the cement-stabilized top sand layers, the local soil was removed
according to the volumetric geometry of the cement treated
soil layer to be built.
Appropriate sand-cement mixing and compaction are
essential factors for the suitable performance of the pile
system. For assessment between attained field compaction
and laboratory referential values, field water content, density and compression strength were measured thoroughly.
In overall terms, the backfill control indicated a homogenous mass with the characteristic values presented herein.
2.1. Homogeneous lightly bonded residual soil stratum
In situ cone penetration (CPT) tests were carried out
to establish the main features of the studied residual soil
site. Typical chart showing variations of CPT data up to
20 m depth (see Fig. 1) indicates a homogeneous residual
soil stratum in which slight variations on cone tip strength
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Figure 1 - CPT soil profile to a depth of 20 m.

(qt) are attributed to weathering progression, a usual
characteristic of residual soil sites. According to USCS, the
residual soil was ranked as low plasticity clay (CL). The dry
unit weight was around 12.1 kN/m3 and the water table was
found at about 10 m depth. Saturated drained triaxial tests
were carried out in specimens collected at about 1.0 m
depth and tests included measurement of strains using
Hall-effect sensors (Clayton & Khatrush, 1986). Deviator
stress - axial strain and volumetric strain - axial strain
triaxial curves are presented in Fig. 2 considering confining
stresses of 20, 60 and 100 kPa. Indication of soil bonding
was obtained by testing specimens in drained triaxial compression, following experience of Consoli et al. (1998) in
residual soil site. The stress-strain curve with smallest confining stress (20 kPa) shows high stiffness at small strains
and perfectly plastic behaviour at larger strains. Increasing
isotropic confining stresses from 20 kPa to 60 kPa and
100 kPa, soil stiffness is reduced at small strains due to
bonding degradation (breakage of bonds) (Leroueil &
Vaughan, 1990; Consoli et al., 1998, 2000) and strainhardening behaviour is observed at larger strains. Isotropic
yielding occurs at a stress greater than 20 kPa and lower
than 60 kPa. Volumetric strains were contractile in all studied confining stresses, increasing their maximum values
with increasing confining stress. Effective friction angle of
29.5° and effective cohesion intercept of 24.0 kPa were
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2.2. Cement stabilised top sand layer
The cement stabilised top sand layer was made in a
gyratory drum blender, mixing uniform fine Osorio sand
previously studied by Consoli et al. (2010, 2011, 2012a,
2012b) and Consoli (2014), type III high early strength
Portland cement (7% by weight of dry soil) and 10% water
content. Strata of the sand-cement blends were constructed

Figure 2 - Saturated drained triaxial tests of lightly bonded residual soil at confined stresses of 20, 60 and 100 kPa.

Figure 3 - Mohr-Coulomb failure envelope considering drained
triaxial tests of lightly bonded residual soil at confined stresses of
20, 60 and 100 kPa.

computed after triaxial test (see Fig. 3 for Mohr-Coulomb
failure envelope) results. Oedometric yielding (according
to Casagrande’s graphical procedure) occurs at approximately 81 kPa (see Fig. 4) and unconfined compressive
strength was nearly 51.2 kPa. Initial shear modulus (Go) of
about 50 MPa was determined after seismic dilatometer
testing. Saturated hydraulic conductivity [obtained using a
flexible wall permeameter following ASTM D 5084
(ASTM, 2016)] is relatively high at 1.5 x 10-5 m/s, when
compared to hydraulic conductivity of alluvial clays. Different from alluvial soils with analogous particle grain
sizes, residual soils are a product of in situ weathering,
which reduces unit weight, increases hydraulic conductivity and exhibit parent rock characteristics (interparticle
bonding), typical of cohesive-frictional materials.
Lastly, initial matric suction measurements carried
out with the Imperial College suction probe are lower than
5 kPa, the soil does not exhibit collapse response (Medero
et al., 2007) and therefore the lateral load-displacement response of piles in this lightly bonded residual soil is essentially dependent on the bonded structure.
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Figure 4 - Oedometric test result for lightly bonded residual soil
with Casagrande’s graphical procedure to obtain oedometric yield
stress.
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in successive sub layers, 10 cm thick each, using a vibratory
3
plate to reach a dry unit weight of 16.0 kN/m . The sandcement backfills stayed curing during 14 days previously to
piles being transversally loaded. Unconfined compression
tests carried out on specimens cured for 14 days produced
strength of roughly 1.0 MPa. Effective cohesion intercept
of 346 kPa and effective friction angle of 38.3° were determined in triaxial tests.

phasize that close to the final stage of the gauges, they were
reset at the end of the loading stage, allowing horizontal
displacement measurements larger than 50 mm. Procedures
for carrying out the transverse-loaded pile tests are in accord with ASTM D 3966 (ASTM, 2013). The transverse
load was applied in cumulative equal increments of not

3. Field Testing Program
Piles were excavated with rotating auger at the experimental site portrayed above and reinforced with carbon
steel tee rails 75 AS section designation (ASTM, 2010)
alongside the whole length (steel tee rail used in present research in a 400-mm concrete shaft has a equivalent behaviour of a 3% - regarding shaft cross section - steel conventional cage reinforcement). Bored piles were made with
concrete of uniaxial strength of about 15 MPa and transversally loaded pile tests were performed at the field testing
site using 2 indistinguishable symmetrical piles in an appropriate reaction arrangement where a single pile reacts
alongside another. Hence, it was concurrently feasible to
have both pile reaction and test repeatability. A photo of the
scheme containing the hydraulic jack horizontally positioned amid 2 steel cylinders and 2 adjusted load cells (cell
capacity of 500 kN with a resolution of 2.5 kN), reacting
against the top of 2 symmetrically placed piles, is presented
in Fig. 5. Details of the transverse loading test schematic
general plan view are shown in Fig. 6a and cross-sectional
view in Fig. 6b. Most piles had a PVC pipeline in the interior to measure their horizontal displacements along the
pile length during all loading stages using a slope indicator.
Besides, two linear displacement transducers with resolution of 0.01 mm and 50 mm travel were used for measurement of horizontal displacements at about 100 mm above
the surface of cement-stabilized sand. It is important to em-

Figure 6 - Transverse loading tests schematic (a) general plan
view and (b) cross-sectional view.

Figure 5 - General overview of reaction system used.
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4. Test Results

0.1
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Cemented backfill
volume (m3)

where Ln is the LVDT reading at a specified time interval t,
Ln-1 the LVDT reading immediately prior to Ln, and L1 the
first reading of the stage of loading taken just following
stage loading application.
Tried piles are L = 8 m long and D = 0.4 m diameter
showing L/D = 20, characterising the behaviour of a
free-headed flexible pile that deflects in the direction of the
applied load. Besides piles inserted directly in residual soil
stratum, a sequence of tests was carried out on piles embedded in cement stabilised top sand backfill layers of distinct
volumes encompassing the piles. Cement stabilised top
sand layers have treated diameter (Dcem) varying from 2 to 4
times the pile diameter (D) and treated depth (Lcem) varying
from 0.1 to 0.3 times the pile length (L). Table 1 presents
the geometry of field tests carried out on cement stabilised
top sand layers. To identify each lateral load test, the following notation was used: cem_x D_yL, where “cem” denotes the top cement stabilised sand; “x” is Dcem/D ratio and
“y” the Lcem/L ratio.

-

(1)

2

L n - L n -1 £ 0.05( L n - L1 )

-

more than 1/10 of the estimated ultimate capacity. Following every transverse load increment, the required period to
stabilize the displacements was expended. In agreement
with Brazilian standard NBR 12131 (ABNT, 2006), every
increment was sustained for at least 30 min until the following criterion [Eq. (1)] was reached:

0.1

Lateral load for an horizontal displacement of 25
mm at the top of the pile (kN)
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Notation

Typical horizontal load vs. horizontal displacements
(measured 100 mm above ground by displacement transducer) of piles with stabilized backfill with dimensions corresponding to Lcem = 0.2L and Dcem = 3D and 4D are presented in Figure 7. Unloading and reloading cycles
demonstrated that the system response is nonlinear elastic-plastic in all unload-reload cycles, with irrecoverable
horizontal displacements clearly observed. All cycles also
exhibit a strong hysteretic response.
Inclinometer probes were used for determining horizontal displacement d vs. depth profiles during lateral pile
load tests. Since two piles are reacting against each other,
two sets of results from two identical symmetrical piles
were obtained, as illustrated in Fig. 8 for natural residual
soil at horizontal loads corresponding to 20 kN (about elastic range), 40 kN (working load) and 60 kN (close to failure). Measured d vs. pile depths show very similar trends,
presenting sound reproducibility at the three applied horizontal loads. Figure 9 presents an additional example for a
pile embedded in treated ground (Dcem = 4D and Lcem = 0.1L)
for loads of up to 260 kN. Displacements are shown to increase with increasing lateral loads to a depth of approximately 0.3 times the pile diameter; below this depth
displacements are negligible. Displacements measured at

Table 1 - Specific data of each laterally loaded test and their notation.

4.1. Transverse load - displacement response
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Figure 7 - Horizontal load vs. horizontal displacement curves for
natural residual soil and cement stabilized sand backfill in different testing geometries (Lcem = 0.2L and Dcem = 3D and 4D).

Figure 8 - Horizontal displacement vs. pile depth profiles (at horizontal loads of 20 kN, 40 kN and 60 kN) for two identical symmetrical piles in natural residual soil.

the surface by displacement transducers and inclinometer
probe are of the same order. As an example, considering the
horizontal load of 80 kN and 120 kN, the slope indicator
reads 2.0 mm and 4.1 mm, while the external linear displacement reads 1.7 mm and 4.2 mm, respectively.
Figure 10 shows that, for the horizontal load of 60 kN,
the pile in natural residual soil reaches an average 50 mm
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Figure 9 - Horizontal displacement vs. depth curves (considering
horizontal loads up to 260 kN) for top cemented sand backfill with
improved diameter Dcem = 4D and improved depth Lcem = 0.1L.

Figure 10 - Horizontal displacement vs. depth curves for top cemented sand backfill with distinct improved geometries considering a lateral load of 60 kN.

maximum displacement. Considering the influence of the
cement stabilized improved geometry, it can be seen that,
for the top cemented sand backfill with improved diameter
Dcem = 2D and improved depth Lcem = 0.1L (consisting of
0.3 m3 of cemented stabilised sand), the displacement for
the horizontal load of 60 kN reduces to about 2.7 mm and,
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3

with Dcem = 4D and Lcem = 0.2L (consisting of 3.0 m of cemented stabilised sand - about 10 times the previous stabilised volume), a further reduction to around 0.4 mm is
verified.
Figure 11 shows that, for the horizontal load of
120 kN, for the top cemented sand backfill with improved
diameter Dcem = 2D and improved depth Lcem = 0.1L (consist3
ing in 0.3 m of cemented stabilised sand), the maximum
displacement is above 10 mm, reducing to 6 mm with increasing improved diameter Dcem = 3D and improved depth
3
Lcem = 0.2L (consisting in 1.6 m of cemented stabilised
sand). Increasing the diameter to Dcem = 4D and reducing the
3
improved depth to Lcem = 0.1L (consisting in 1.5 m of cemented stabilised sand), the maximum displacement reduces to 4.1 mm, further reducing to 2.6 mm with Dcem = 4D
3
and Lcem = 0.2L (consisting in 3.0 m of cemented stabilised
sand).

5. Analysis
Before analysing results of pile lateral loading, it is
important to recall that all tested piles were reinforced to
yield at large load stages. The depth of the structural yield
point was monitored by inclinometer measurements and
was later confirmed by pile exhumation. Under this condition, maximum mobilized lateral resistance is determined
as the soil reaction net of the earth pressures integrated
along the pile shaft down to the critical embedment depth
(i.e. down to the depth of yielding). Below the yield point,
the piles experience virtually no lateral displacements.
A summary of the lateral load capacity of all tested
piles is given in Table 1, taking the horizontal displacement

Figure 11 - Horizontal displacement vs. depth curves for top cemented sand backfill with distinct improved geometries considering a lateral load of 120 kN.
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of 25 mm at the top of the pile as a reference value. From
measured data, it can be observed that horizontal loads increase 180% and 410%, from 50 kN to 140 kN and 255 kN,
respectively, for pile in the natural soil to Dcem = 2D and
Dcem = 4D, both considering the improved depth of
Lcem = 0.1L (consisting in a volume of cemented stabilised
3
3
sand increasing from 0.3 m to 1.5 m ).
Figure 12 illustrates propagation of cracks in both
natural ground and cemented layer when loading reaches
more that 80% of transverse bearing capacity. A series of
small cracks appear in the natural ground due to the compressive stress generated by the continued horizontal displacement of the cement-treated soil shaft system. It can be
observed that about half the circular perimeter of the treated
soil compresses the natural soil from the beginning of loading to failure and that the direction of cracks predominantly
follows the direction of the pile movement.
These observed ground conditions allow an interaction mechanism to be postulated and, ultimately, a design
concept to be developed. The improved ground is considered as a mass of high stiffness that moves as a solid block,
compressing the less stiff natural soil (in the present study
the actual stiffness of the improved ground is about 10 to 15
times that of the natural ground). It follows that ultimate
bearing capacity should then be calculated as the theoretical maximum average contact pressure that can be supported without failure by the natural ground, i.e. the lightly
structured natural ground near the surface controls the
foundation horizontal resistance, since the pile and the improved ground act as one body that works in distributing the
applied load only.
The second important aspect is the realization that lateral bearing capacity is not dictated by the mobilization of
passive earth pressure developed at the onset of shear failure produced by pile movement, as often assumed in
geotechnical design of foundations and earth structures. In
lightly cemented soils, the failure model is associated to
punching shear failure mechanisms which are accom-

Figure 12 - Top view of failure mechanisms (cracking) on the top
cement stabilized sand backfills.
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plished by poorly defined shear planes, with soil zones beyond the perimeter of the loaded area being little affected.
Following the basic modes of cracking displacements
shown in Figure 12, the pile-soil interaction characterizes a
typical punching phenomenon that comprises the origination of a series of small cracks ahead of the loaded area that,
at a given applied load, exhibit brittle response and rapid
fracture propagation. Pile displacements induced deformations, combined with localized volumetric strains and crack
propagation, produce the breakage of the natural soil cement bonds and, at this stage, the pile reaches its maximum
bearing capacity.
With the recognition that the yield stresses controlling the cemented bonds may govern the characteristic lateral bearing capacity of composite ground foundations, the
results from in situ load tests can be further analysed. The
full set of results is presented in Fig. 13, in which the lateral
load (H25 mm) measured at the ground surface displacement
of 25 mm (Table 1) is plotted against the lateral area pressing natural soil [mobilized at the pile shaft (Amob)] including
the cemented treated superficial layer. In natural ground,
Amob is calculated as half the pile perimeter times the critical
embedment depth (Lcrit) of approximately 2.0 m (see horizontal displacements at Fig. 8), whereas in treated ground,
Amob is calculated as half the circular perimeter of the treated
soil multiplied by improved depth plus half the pile perimeter times the remainder of pile length till reaching critical
embedment depth (Lcrit) (equal to 3 m in present case - see
horizontal displacements in Fig. 9), which clearly define
the maximum pile length mobilized by applied horizontal
loads. The actual value of Lcrit for each pile is obtained as the

depth in which horizontal displacement is smaller than
0.1 mm. As observed in Fig. 13, a linear relationship
2
(R = 0.87) is achieved between H25 mm and Amob, [see Eq. (2)]
including tests on piles with and without superficial ground
treatment. Despite the scatter, always considered as a natural occurrence in residual soils (Schnaid & Huat 2012),
there is evidence that horizontal load increases linearly
with increasing mobilized area pressing natural ground.
H at 25 mm ( kN) = 53.82Amob ( m 2 )

(2)

This evidence is regarded as an indication of mobilization and mechanism associated to horizontal load transfer, which is a simple summation of pressures generated in
front of both pile and cemented ground areas, despite the
difference in stiffness of these materials. As a matter of
fact, the constant of Eq. (2) is representative of the yielding
pressure that is obtained after oedometric test, which gives
an experimental evidence that the response of laterally
loaded piles is actually governed by the yield stresses characterizing bond breakages in lightly cemented ground.
It is worth noticing that Consoli et al. (2006) have
shown that there is a direct relation between isotropic yield
stress and the unconfined compressive strength for lightly
cemented soils. In the present case, isotropic yielding occurs at a stress greater than 20 kPa and lower than 60 kPa
and the unconfined compressive strength is 51.2 kPa, both
H
in the range of the field pressure at 25 mm
= 53.82 kPa
Amob
that causes failure by lateral punching. The oedometric
yield stress of 81 kPa is somehow larger than the field pressure causing failure by punching. So, for practical purposes, in order to establish the maximum transverse load,
the designer should request determination of the unconfined compressive strength and/or isotropic yield stress (or
even oedometric yield stress) of the lightly bonded residual
soil and estimate the lateral area (Amob) pressing natural soil
(calculated as half the circular perimeter of the treated soil
multiplied by improved depth plus half the pile perimeter
times the remainder of pile length till reaching critical
embedment depth of long flexible piles). In a conservative
first approach, Amob could consider only half of the circular
perimeter of the improved area times the improved depth.

6. Conclusions

Figure 13 - Lateral loading for 25 mm horizontal displacement
H25 mm vs. area under compression (mobilized area pressing natural
ground Amob).
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Some conclusions can be drawn from the data presented in this technical paper:
• The response of transversally loaded piles is essentially
governed by the yield stresses characterizing bond
breakages in lightly cemented ground;
• The cement stabilised top soil layers considerably improve the behaviour of free-headed flexible piles submitted to transverse loads. The reduction of horizontal
displacements under a service load is a direct function of
the increase in the cement treated soil layer;

Soils and Rocks, São Paulo, 40(3): 219-228, September-December, 2017.

Stabilised Soil Layers Enhancing Performance of Transverse-Loaded Flexible Piles on Lightly Bonded Residual Soils

• A linear relationship is obtained between the maximum
lateral load H25 mm and the mobilized soil compression
area (Amob) ahead of the pile and the treated ground.
• In order to establish the failure transverse load, the designer should determine the unconfined compressive
strength and/or isotropic yield stress (alternatively oedometric yield stress) of the lightly bonded residual soil and
estimate the lateral area pressing natural soil (calculated
as half the circular perimeter of the treated soil multiplied by improved depth plus half the pile perimeter
times the remainder of pile length till reaching critical
embedment depth of long flexible piles).
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List of Symbols
Amob: Area under compression mobilized at the pile shaft
D: Diameter of pile
Dcem: Diameter of cement treated layer
Go: Initial shear modulus
H: Horizontal load
H25 mm: Horizontal load at a top displacement of 25 mm
L: Length of pile
Lcem: Thickness of cement treated layer
Lcrit: Critical embedment depth
Ln: LVDT reading at a specified time interval t
Ln-1: LVDT reading immediately previous to Ln
L1: First LVDT taken just after loading application
d: Horizontal displacement
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Anchored Retaining Walls in Granite Residual Soils I.
Parametric Study
N. Raposo, A.T. Gomes, M.M. Fernandes
Abstract. This work aims to be a contribution for a better knowledge of anchored earth retaining structures, providing
preliminary guidelines for their correct design, by establishing starting points. It also constitutes the introduction to a
second paper in which an innovative solution for preliminary design is presented. Starting from an extensive parametric
study using PLAXIS on a typical moderate to high strength soil, the study begins by evaluating the influence of parameters
such as the excavation depth, the stiffness of the retaining wall and the anchors, the initial prestress, and the soil properties
(stiffness, strength, coefficient of earth pressure at rest and bedrock depth). For each parameter influence laws are derived,
which will allow the implementation of the simplified design method in a companion paper.
Keywords: forces and displacements, residual soil, anchored wall, hardening soil model.

1. Introduction
The design of anchored walls to support deep excavations comprises difficulties and challenges since it depends
on multiple variables, concerning the soil (strength, stiffness, at-rest state of stress), the retaining structure and the
geometry of the cut.
The purpose of the parametric study presented in this
paper, based on the work of Raposo (2007), is to evaluate
the behavior of these structures. The study covers a wide
range of geometries, as well as structural and soil parameters.
Subsequently, influence laws are derived, characterizing the effect of each individual variable under analysis.
Using these influence laws, the results can be used to interpolate (or extrapolate) the same parameters for similar excavations.
The work is focused on excavations executed in soils
with moderate to high strength, taking as reference the
granite residual soils, similar to the ones found in the city of
Porto, Portugal (Viana da Fonseca et al., 1997). In such
ground, because of the frequent presence of batholites in
the soil mass, diaphragm walls are avoided and the most
common solution for the retaining wall is cast in place concrete piles, often with spacing larger than their diameter
(Matos Fernandes, 2010; Viana da Fonseca & Quintela,
2011).
The tool used to accomplish the parametric study is
the finite element method, through the commercial software Plaxis. This method was chosen because it allows
evaluating, very accurately and promptly, the influence of
the variation of a particular parameter, or of a set of parameters, on the overall behavior of complex soil-structure interaction problems. The possibility of using analytical

models, similar to those of Saribas & Erbatur (1996) or
Matos Fernandes et al. (2002), was considered, since they
are more intuitive. However, due to the difficulty of applying them to highly hyperstatic structures such as the ones
studied in this paper, this option was abandoned.
Given the nature of the soil and the type of retaining
wall mentioned above, the water table was considered at the
base of the excavation (Raposo & Topa Gomes, 2011).
Thus, drained conditions were assumed and the analyses
were performed in effective stresses.

2. Base Excavation #A00
2.1. General properties of the base excavation and the
numerical model
The excavation used as the starting point for the parametric study (base excavation #A00) is 15.0 m deep and
30.0 m wide, performed in granite residual soils, as shown
in Fig. 1. The length of the excavation was assumed to be
much greater than its width, allowing the use of a plane
strain model.
Two distinct geotechnical layers were considered: a
surface layer of granite residual soil (W5) and a substratum,
comprising highly weathered granite (W4). Although it
may seem insufficient to consider only two layers for characterizing a given soil mass, it is shown in the Appendix
how the adopted constitutive model allows the variation of
mechanical properties in depth, especially in terms of stiffness, thereby improving the agreement between the numerical model and the reality.
The retaining structure consists of concrete piles with
a diameter of 0.60 m and 1.20 m spacing between axes, presenting a flexural stiffness equivalent to that of a diaphragm
wall 0.40 m thick. For the Young modulus, E, a value of
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Figure 1 - Simplified diagram of the base excavation #A00.

30 GPa was adopted. The pile tips penetrate 0.80 m into the
substratum. Since the wall was considered permeable, the
water table was assumed to coincide with the base of the excavation during all stages. The wall is supported by a grid
of ground anchors, spaced 2.50 m in the vertical direction
and 3.00 m in the horizontal direction.
In order to properly simulate the shear interaction between the structure and the soil mass, interface elements
were used, whose strength was set to two thirds of the soil
strength. In order to improve the stress distribution around
the tip of the wall, the interface was extended 1.5 m below
this extremity. In these extended interface elements no
strength reduction was considered. This procedure increases the flexibility of the finite element mesh and prevents the generation of unrealistically high stresses (Van
Langen & Vermeer, 1991).
In this study the modelling of the anchors was
achieved through the introduction of linear elements, which
simulate the grout body and are connected to the finite elements of the surrounding soil. To represent the tendon, another set of linear elements was included in the model,
connecting the wall to the end of the grout body. In this
case, there is no connection with the soil finite elements.
The finite elements representing both the tendon and the
grout body have only axial tensile stiffness (Guerra et al.,
2007).
In the base excavation #A00, as well as in all other
calculations of the parametric study, a tilt angle of 30 degrees was considered for the ground anchors. In all cases
the length of the grout body was considered to be 6 m. The
length of the tendon was consistently admitted equivalent
to two thirds of the maximum excavation depth.
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The anchor prestress was calculated according to the
diagram shown in Fig. 1, resulting, for this base excavation,
in a total force of 390 kN per anchor, due to an horizontal
spacing between anchors of 3 m. As it was assumed a required tendon cross section of 1 cm2 per 100 kN, 4.0 cm2
were needed in this case. The steel Young modulus was admitted to be 200 GPa. For the sake of simplicity, the same
prestress force was considered in all anchors. This last assumption produces a prestress diagram with trapezoidal
shape, since the first and last anchor levels have a larger influence area than the remaining ones.
The calculation model involves a restricted area of the
soil mass surrounding the wall. The model was truncated
along the symmetry axis, 15 m to the left of the wall, allowing vertical displacements along this boundary. The right
limit of the model it was located 75.0 m away from the wall.
This distance corresponds to five times the maximum excavation depth, which is considered sufficient to obtain negligible horizontal displacements at this location (Wood,
2004). Below the excavation, the heavily weathered granite
layer was considered to be 15.0 m thick.
The simulation of the construction process (stage 1)
begins with the activation of the wall and the generation of
the in situ stress state. Stage 2 corresponds to the first level
of excavation, down to a depth of 2.5 m. Stage 3 is the activation of the first level of anchors, at 2.0 m depth, and the
application of the prestress force. This sequence, with excavation followed by anchor placement and prestressing, is
repeated until stage 12, when the depth in the excavated
side reaches 15.0 m.
In the parametric study two constitutive models were
used: an elastic perfectly plastic model with a Mohr-
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Coulomb failure envelope, for the heavily weathered granite; and the hardening soil model for the granite residual
soil. Table 1 contains the required parameters for both models, as well as the values considered for the calculation
named “base excavation #A00” (Topa Gomes, 2009; Viana
da Fonseca et al., 1997). The first model is probably familiar to the majority of the readers. The latter is described in
the Appendix.
2.2. Base excavation #A00 results
Figure 2 shows the displacement of the wall and of
the ground surface for the final excavation phase, displaying a typical pattern for this type of geotechnical works
(Matos Fernandes, 2010, 2015). In conjunction with the
horizontal displacements, there is also a small heave of the
wall, as a result of soil expansion, due to the considerable
mean stress reduction occurred during the excavation. The
maximum horizontal displacement, of about 30 mm, occurs
near the excavation base, at 12 m depth. The top of the wall
moves about 6 mm towards the excavation side.
As for surface displacements, the subsidence basin
extends up to the external model boundary. This is a common limitation of the finite element models. Local instrumentation in several excavation works has revealed that the
subsidence basin is much more concentrated near the wall
than what Fig. 2 shows (Clough & O’Rourke, 1990; Kung,
2010). This difference results from two main contributions:
first, soil stiffness for small strains is much higher and thus
it would be necessary to use a model incorporating soil
stiffness at very small deformations, such as the one proposed by Puzrin & Burland (1996) or the Hardening Soil
model with small-strain stiffness implemented in Plaxis
(Brinkgreve et al., 2011), to reliably reproduce behaviour

in points considerably away from the wall; second, real excavations seldom present a length that may be assumed as
infinite, and so 2D models tend to overestimate the in-plane
deformation deformation, as they do not include the attenuation resulting from the settlement distribution over a
length greater than the real excavation length. In real excavations this effect may be significant, reducing the settlements up to half of the value calculated for a plane strain
condition.
Focussing the attention on the bending moments
along the wall height, after the completion of the excavation, Fig. 3a shows an absolute maximum of 193 kNm/m.
As for the horizontal displacements, such value also occurs
near the bottom of the excavation, at 13.4 m depth. This
maximum bending moment is compatible with the wall resistance, requiring an amount of reinforcement close to
0.6% of the piles cross section area. Comparing Fig. 3a with
Fig. 3b, which shows the bending moments envelope, it can
be concluded that the last excavation phase is dominant in
the majority of the sections, particularly with regard to positive moments.

Figure 2 - Displacements of the wall and ground surface at the end
of the excavation.

Table 1 - Parameters considered in the base excavation #A00.
Parameter

Granite residual soil

Highly weathered granite

Hardening soil

Elastic perfectly plastic

gunsat

20.0

22.0

Saturated unit weight (kN/m )

gsat

21.5

23.0

Effective cohesion (kPa)

c’

12

100

Effective friction angle (º)

f’

33

42

Dilatancy angle (º) *

Y

Constitutive model

-

3

Unit weight (kN/m )
3

3

12

E

ref
50

22.5

400

Tangent stiffness in primary oedometer loading(MPa)

E

ref
oed

22.5

-

Exponent for stress-level dependency of stiffness

m

0.7

-

Unloading and reloading stiffness (MPa)

E urref

67.5

-

Poisson’s ratio for unloading and reloading

vur

0.26

0.2

Coefficient of earth pressure at rest

K0

0.40

0.331

Failure ratio (qf/qa)

Rf

0.9

-

Secant stiffness in triaxial drained tests (MPa)

*The dilatancy angle was considered as Y = f’ - 30.
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Figure 3 - Wall bending moments: a) final excavation stage; b) envelope.

Figure 4a shows the apparent earth pressure diagram,

3. Parametric study organization

constructed from the horizontal projections of the anchor
forces obtained at the end of the excavation works. This diagram is quite similar to the applied prestress diagram, although slightly higher. Figure 4b allows analyzing the
evolution of the forces in the anchors during the various
construction stages. The forces are represented as a percentage of the applied prestress. Without exception, these
forces increase in excavation phases and decrease in stages
where prestress forces are applied to the anchors below.
This situation is typical of cases where the prestress forces
are correctly designed. It is also important to underline that
these variations are modest, validating the hypothesis that
the prestress forces are reasonably adequate.

3.1. Parameters studied
The object of the parametric study are excavations in
geotechnical conditions similar to those described in 2.1,
with a retaining structure analogous to that in Fig. 1. The effects of a few parameters with proved influence on the behaviour of the excavation are analysed. Table 2 presents the
various parameters of this study, as well as the respective
symbols. To facilitate the comparison between different excavations, some parameters were made dimensionless.
Two of the parameters may not be so familiar to the
reader: the prestressing index and the support system stiffness index.
The prestressing index (x) measures, in a dimensionless form, the horizontal force applied to the wall by the

Figure 4 - Anchor forces: a) apparent earth pressures at the end of the excavation; b) anchor forces variation during construction.
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Addenbrooke et al. (2000), but since it is not dimensionless, it is discarded in favour of the definition of Mana
(1978).

grid of anchors. Therefore, the prestress force to be applied
to each anchor, Fa, is defined by the equation:
Fa =

xghh a l a
cos a

(1)

3.2. Designation and organization of the calculations

where x represents the prestressing index, g represents the
soil unit weight, h represents the maximum excavation
depth, ha and la represent the average height and width of influence of each anchor, respectively, and a the tilt angle of
the anchors. The influence height for the first level of anchors extends up to the surface and the influence height for
the last level of anchors extends to the bottom of the excavation.
In structures supported by various levels of prestressed anchors or struts, the stiffness of the support system, rs, was defined by Mana (1978) as:
rs =

EI
h M4 g

In the parametric study 158 calculations were performed. The designation of each of the calculations, as
shown in Fig. 5, consists of three characters: the first corresponds to the series, the second to a certain parameter
(subseries) and the third is an id of the calculation, corresponding to a predefined value of the parameter under
study.
Each series corresponds to a particular set of calculations, created from the same base excavation. Comparing
any calculation to the base excavation of the corresponding
series, only one parameter differs. Each series consists of
subgroups designated subseries. A subseries is a set of calculations (varying in number from four to six) where all
parameters, except the parameter under study, remain constant.
The study begins by defining a base excavation,
called #A00, which was presented in 2.1. This is the starting
point of the series #A**. In parallel, three additional base
excavations are defined, #B00, #C00 and D00, whose main
characteristics are listed in Table 3.
Regarding the stiffness of the support system, the
adopted values, between 100 and 350, correspond to a retaining structure constituted by 0.60 m and 0.80 m diameter
piles, with spacing between, respectively, 1.20 m and
1.10 m. These values of the support system stiffness index
can also correspond to diaphragm walls 0.40 m and 0.60 m
thick.
The use of these four series has the intention of checking the validity of the influence curves, derived from each
subseries, when taking different starting points in terms of
geometry, prestress, stiffness of the support system and soil
properties. As shown in Fig. 6, the base excavations corre-

(2)

where EI represents the wall bending stiffness and hM represents the maximum vertical spacing between consecutive
supports. For this purpose, the soil below the base of the excavation acts as an additional support, located exactly at the
base of the excavation. This definition of support system
stiffness index is based on Goldberg et al. (1976), introducing additionally the soil unit weight, in order to make the
parameter dimensionless. There are other alternatives to
evaluate the stiffness of the support structure, such as the
flexibility number in terms of displacements, defined by
Table 2 - Parametric study parameters.
Parameter

Symbol

Variation
range

D/h

1.2 to 2.0

Prestressing index

x

0.1 to 0.3

Support system stiffness index

rs

40 to 1600

Excavation depth (m)

h

10 to 25

Soil stiffness (MPa)

E50

15 to 60

Effective friction angle (°)

f’

30 to 40

Effective cohesion (kPa)

c’

0 to 30

Coefficient of earth pressure at rest

K0

0.4 to 0.6

Bedrock depth

Figure 5 - Designation and organization of the calculations.

Table 3 - Parametric study - base excavations.
h (m)

rs

x

D/h

E50(MPa)

f’ (°)

c’ (kPa)

K0

#A00

15

100

0.15

1.6

22.5

33

12

0.40

#B00

15

100

0.15

1.6

37.5

37

21

0.60

#C00

25

350

0.20

1.2

22.5

33

12

0.40

#D00

25

350

0.20

1.2

37.5

37

21

0.60

Excavation
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Figure 6 - Base excavations properties.

spond to two geotechnical scenarios and two different geometries and wall properties.
The subseries correspond to the variation of a particular parameter, of the soil or of the wall, according to Table 4. A maximum of 6 calculations was performed for each
parameter, with a total of 158 different calculations.
For each subseries, several calculations were performed varying the parameter under study within reasonable limits. As an example, Table 5 presents the variation of
the bedrock depth for the subseries # A1*. It involved five
additional calculations, besides the base excavation #A00,
in a total of six calculations with different values for the
bedrock depth.
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Table 4 - Parametric study - Subseries.
Subseries Parameter under study
#*1*
#*2*
#*3*
#*4*
#*5*
#*6*
#*7*
#*8*

Bedrock depth (D/h)
Prestressing index (x)
Support system stiffness index (rs)
Excavation depth (h)
Soil stiffness (E50)
Effective friction angle (f’)
Effective cohesion (c’)
Coefficient of earth pressure at rest (K0)

Number of
calculations
5
4
5
6
5
4
5
4
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Table 5 - Parametric study of bebrock depth – subseries #A1*.
Excavation

D/h

#A11

1.2

#A12

1.3

#A13

1.4

#A00

1.6

#A14

1.8

#A15

2.0

3.3. Normalization procedure
The variables of the parametric study on which the attention is focused have, above all, a practical interest: maximum bending moment in the wall, maximum force on the
anchors and maximum horizontal wall and surface displacements.
The analysis of the calculations of a given subseries
is not particularly problematic, since among the various
calculations of that subseries only one parameter is
changed. Therefore the differences in the results are a direct consequence of the changes in the parameter under
study. However, when the calculations of two or more
subseries are being compared, there are always differences in several parameters. These differences create difficulties when trying to determine the influence of a
certain parameter. Hence, it is necessary to separate the effects of the parameters.
Taking as an example Fig. 7a, it can be noticed the
difficulty in drawing conclusions about the influence of the
maximum excavation depth on the maximum horizontal
displacements of the wall.

To improve the comparability of results for the various subseries, a normalization procedure was introduced, defining a reference value for the variable under
analysis. Thus, the maximum horizontal displacement of
the wall, obtained in each calculation is divided by the
maximum horizontal displacement obtained in the reference excavation of each subseries. This procedure consists, in its essence, in changing the vertical scale, so that
the results of the several subseries intersect at a common
point.
Figure 7b illustrates the normalization procedure using the data represented in Fig. 7a. The 15 m deep excavation has been taken as reference. To understand the effect of
normalization attention should be given to the changes in
the vertical scale. With these changes it is no longer possible to obtain from the figure an absolute value of the wall
horizontal displacement. However, Fig. 7b allows determining the variation of the wall horizontal displacement as
a consequence of the changes in the excavation depth. In
this example, it can be verified that the increase of the maximum excavation depth from 15 m to 25 m causes an increase of the maximum horizontal displacement of the wall
varying from 150% to 250%, depending on the subseries
under study.
After normalization of the results, it is possible to use
the method of least squares to define a function that best fits
the results of several subseries, designated in this example
bh. A few types of functions were considered: linear, quadratic, exponential, logarithmic and power. In each case,
the function type selected was the one leading to the best
correlation coefficient.
This normalization procedure was performed for all
parameters of the study, both for the maximum wall bending moments and horizontal displacements.

Figure 7 - Influence of excavation depth on the wall horizontal movements: a) results before normalization; b) results after normalization.
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4. Summary and Analysis of the Results of
the Parametric Study
Figures 8 to 15 present the main results of the parametric study. Each figure has two graphs, corresponding to
the maximum bending moment of the wall, on the left, and
to the maximum horizontal displacement of the wall, on the
right. To facilitate the understanding and future use of the
results, the previously presented normalization procedure
was applied to all the results.
All graphs comprise four curves, corresponding to the
variation of each parameter from the four base excavations.
An additional curve, ai or bi, was added, corresponding to
the least squares approximation of all the calculations in the
graph. The Greek letter a was used to denote the curve that
best fits the normalized maximum bending moments,

whereas the Greek letter b was used to denote the curve
that best approximates the normalized maximum horizontal displacements of the wall. In each graph the mathematical equation and the correlation coefficient, R2, are
displayed.
In general, for all the parameters it was possible to establish two curves, a and b, which approximate the results
of the several subseries with reasonable accuracy, allowing
the definition of the influence factor for each parameter on
the maximum horizontal displacements and the maximum
bending moments of the wall. In most cases the correlation
coefficients, R2, are higher than 0.90, although presenting
smaller values in a few particular situations.
The most puzzling situation occurs regarding the influence factor of the prestressing index on the wall bending

Figure 8 - Influence of bedrock depth: a) maximum bending moments; b) maximum horizontal displacements of the wall.

Figure 9 - Influence of prestressing index: a) maximum bending moments; b) maximum horizontal displacements of the wall.
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Figure 10 - Influence of support system stiffness index: a) maximum bending moments; b) maximum horizontal displacements of the wall.

Figure 11 - Influence of maximum excavation depth: a) maximum bending moments; b) maximum horizontal displacements of the wall.

Figure 12 - Influence of soil stiffness: a) maximum bending moments; b) maximum horizontal displacements of the wall.
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Figure 13 - Influence of soil effective friction angle: a) maximum bending moments; b) maximum horizontal displacements of the wall.

Figure 14 - Influence of soil effective cohesion: a) maximum bending moments; b) maximum horizontal displacements of the wall.

Figure 15 - Influence of soil coefficient of earth pressure at rest: a) maximum bending moments; b) maximum horizontal displacements
of the wall.
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moments, as illustrated by Fig. 9a, due to the fact that the
considered factor is highly influenced by the adopted geotechnical scenario. In the calculations belonging to the
subseries #A2 and #C2, increasing the prestressing index
from 0.1 to 0.3 leads, in both cases, to reductions in the
maximum bending moment close to 25%. In the calculations belonging to subseries #B2 and #D2, the same
increase in the prestressing index has a very discrete influence on the maximum bending moment of the wall, leading
to its slight increase. A detailed analysis of these results
showed that this difference in behaviour is mainly due to
the soil strength. The less resistant and stiff the soil is, the
more favourable the prestressing. This effect is also found
when analysing the maximum horizontal displacements of
the wall, although with less intensity. Figure 9b shows that
variations in the prestressing index have greater influence
on excavations executed in less resistant and more deformable soils.
Table 6 summarizes the results of the parametric
study, indicating the degree of importance of each parameter with regard to the maximum wall bending moment and
horizontal displacement. Some of the parameters where
classified as having moderate influence, by not having a
particular influence over the analysed results.
The effect of the studied parameters on the maximum
bending moment may be quite distinct from its effect on the
maximum displacement. The best example of this fact is the
support system stiffness index, which has a moderate influence on the displacement but considerably affects the maximum bending moment. Moreover, the support system
stiffness index influences the displacement and the bending
moments in opposite ways, as shown in Fig. 10.
During the parametric study of the different variables,
in addition to the stresses and displacements of the wall,
surface ground displacements were also calculated. A
strong correlation between the displacements of the wall
and the ground surface displacements was noticed.

In Fig. 16, where the maximum horizontal displacements of the ground surface are plotted against the maximum horizontal displacements of the wall, it becomes clear
that the former are approximately half of the latter. Despite
the large amount of calculations, based on quite diverse
geotechnical conditions and different excavation geometries, the results show a significant consistency, as is proved
by the high correlation coefficient obtained using the method of the least squares and assuming that the value at the
origin is null.
The good correlation between the maximum horizontal surface displacements and the maximum horizontal wall
displacements allows the use of the equation presented in
Fig. 16 to estimate the former, at least for preliminary design situations.
Figure 17 shows a histogram indicating the variations
of the force in the ground anchors, calculated as a percentage of the prestress force applied. Note that only one value

Figure 16 - Maximum horizontal surface movements vs. maximum horizontal displacements of the wall.

Table 6 - Degree and type of influence of the several parameters over bending moments and horizontal wall displacements.
Parameter

Symbol

Degree and type of influence Degree and type of influence
over bending moments
over displacements

D/h

C¯

C

Prestressing index

x

C¯

A¯

Support system stiffness index

rs

A

B¯

Excavation depth

h

A

A

Soil stiffness

E50

B¯

A¯

Effective friction angle

f’

B¯

B¯

Effective cohesion

c’

B¯

B¯

Coefficient of earth pressure at rest

K0

C

C

Bedrock depth

A – Very important; B – Important; C – Moderate.
 – Grows with parameter increase; ¯ – Reduces with parameter increase.
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be estimated from the latter within a quite reasonable degree of confidence.
The overall attained results seem to be quite satisfactory, contributing to an alternative and economic method
for the preliminary design of anchored retaining structures,
to be presented in a companion paper.

6. Appendix: Hardening Soil Model
Figure 17 - Histogram with the variation of anchor forces, as a
percentage of prestressing force (sample: 158 excavations).

per excavation is shown, corresponding to the most stressed
anchor. In the majority of the excavations increments of
10% to 20% were obtained.
Regarding this point, calculation #C21 is in fact a singular case, by having a maximum increase of the anchor
force of 57%. This abnormally high value is due to the
small prestress used, corresponding to 0.1 g h, in conjunction with not so favourable geotechnical conditions. These
facts lead to high stresses and large wall displacements,
corresponding to a scenario in which the design could be
considered inappropriate.

5. Conclusions
The parametric study aims to be a contribution towards understanding the effect of some of the variables that
rule the behaviour of anchored retaining walls and their interaction with the supported ground.
The influence laws for each parameter and the results
of all performed calculations allow a preliminary evaluation of the behaviour of anchored excavations.
On average, it appears that the maximum wall bending moment increases when the bedrock depth increases,
the prestressing index reduces, the support system stiffness
index increases, the maximum excavation depth increases,
the soil stiffness decreases, the friction angle and soil cohesion decrease and the coefficient of earth pressure at rest increases. The parameter that most affects the maximum
bending moment of the wall is the stiffness of the support
system.
Concerning the maximum horizontal displacement of
the wall, it was found that it increases when both the bedrock depth and the maximum excavation depth increase,
the prestressing index and the support system stiffness index reduce, the friction angle and soil cohesion decrease
and the coefficient of earth pressure at rest increases. The
maximum excavation depth is particularly important in
controlling the maximum horizontal displacement of the
wall.
The comparative study of the maximum horizontal
displacements of the wall vs. the maximum horizontal surface displacements allows concluding that the former can
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In this appendix a brief description of the hardening
soil model is presented. Detailed information about this soil
model can be found in Brinkgreve (2002).
In most geotechnical problems, there is usually reasonable information about the soil strength parameters, but
reduced information concerning its stiffness. This situation
results, fundamentally, from the complexity of the stressstrain relations of the soils, in particular the dependence of
soil stiffness on the confining stress, the stress path and the
strain level (Topa Gomes, 2009; Viana da Fonseca, 2003).
For the reasons listed above, it becomes difficult to
establish a single stiffness that can be used in an elastic perfectly plastic constitutive model. In geotechnical problems
such as the ones studied in this work, the hardening soil
model has the ability to simulate the soil behaviour much
closer to reality, especially when referring to the simulation
of loading and unloading cycles due to successive excavation and anchor prestressing stages. Being an elastoplastic
model, its yield surface is not fixed in the principal stress
space. During the expansion of the yield surface, irreversible plastic deformation occurs.
Distinction can be made between two main types of
hardening, namely shear hardening and compression hardening. Shear hardening is used to model plastic strains due
to primary deviatoric loading. Compression hardening is
used to model plastic strains due to primary compression in
oedometer loading and isotropic loading. Both types of
hardening are contained in the hardening soil model
(Brinkgreve, 2002).
When subjected to primary deviatoric loading, soil
shows decreasing stiffness and, simultaneously, irreversible plastic strains develop. In the special case of a drained
triaxial test, the observed relationship between the axial
strain (e1) and the deviatoric stress (q) can be reasonably approximated by a hyperbola. Such a relationship, initially
formulated by Kondner (1963) and Kondner & Zelasko
(1963), was later used in the well-known hyperbolic model
by Duncan & Chang (1970). The hardening soil model,
however, supersedes the hyperbolic model in three relevant
issues (Brinkgreve, 2002): i) it uses the theory of plasticity,
rather than the theory of elasticity; ii) it includes soil
dilatancy; iii) it introduces the yield cap, which corresponds
to compression yielding, and creates a closed elastic region.
Among the main characteristics of this constitutive
model, the following should be highlighted: i) the ability to
change soil stiffness according to the confining stress (by
means of the input parameter m); ii) the consideration of
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plastic deformations caused by shear stress (E50); iii) the
consideration of plastic deformations caused by isotropic
stress (Eoed); iv) the use of different values for soil stiffness
according to the stress path (for unloading and reloading Eur
and vur are used instead of the stiffness parameters listed
above); v) the use of an yield criterion according to
Mohr-Coulomb (c’ and f’); vi) the control of the yield surface by means of the dilatancy angle (Y’).
In a drained triaxial test, during primary loading, the
relationship between axial strain (e1) and deviatoric stress
(q), illustrated by Fig. 18, can be described by the following
equation:
e1 =

1
2 E 50

q
1-

q
qa

for q < q f

(3)

where qa represents the asymptote of the hyperbola and qf
the maximum deviatoric stress (yield stress obtained in the
test). Calculating the derivative of Eq. (3) with respect to q,
results in an initial Young modulus of 2E50.
The value of qf can be derived from the Mohr-Coulomb failure criterion:
q f = ( c¢ cot f¢ + s¢3 )

2 sin f¢
1 - sin f¢

(4)

When the deviatoric stress equals qf, the yield stress is
reached and perfectly plastic flow occurs, as described by
the Mohr-Coulomb criterion. The ratio between the ultimate deviatoric stress, qf, and the hyperbola asymptote, qa,
determines the input parameter Rf. In cases where there are
not enough tests to estimate this parameter, Brinkgreve
(2002) suggests the use of 0.9.
The secant Young modulus (E50) for a deviatoric
stress equal to one half of qf depends on the confining stress
s’3. It can be calculated by the equation:
ref æ c¢ cos f¢ + s¢3 sin f¢ ö
÷
ç
E 50 = E 50
ç c¢ cos f¢ + p¢ ref sin f¢ ÷
è
ø

m

(5)

Figure 18 - Hyperbolic stress-strain relation in primary loading
for a standard drained triaxial test, adapted from Brinkgreve
(2002).
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ref
is the reference Young modulus of the soil in
where E 50
primary loading, determined for a confining pressure p’ref,
which is usually 100 kPa. It should be noted that in Eqs. (4)
and (5) the value s’3 is positive for compressive stress, consistent with the usual Soil Mechanics sign convention.
The dependency of E50 with respect to the stress level
is given by the exponent m. This parameter can be considered equal to 1.0 for soft clayey soils. In numerous studies
performed over sands and silts, this parameter ranges between 0.5 and 1.0 (Von Soos, 1990). In the case of Porto
granite residual soils, values of m between 0.5 and 0.6 are
common (Topa Gomes, 2009; Viana da Fonseca, 2003).
To reproduce the soil behaviour during loading and
unloading cycles, the hardening soil model uses different
stiffness parameters, depending whether it is a primary
loading or a reloading stress path. This is a great improvement when compared to simpler soil models. The dependency of the Young modulus for unloading or reloading, Eur,
ref
upon the confining pressure p’ , is expressed by the following equation:

E ur = E

ref
ur

æ c¢ cos f¢ + s¢3 sin f¢ ö
ç
÷
ç c¢ cos f¢ + p¢ ref sin f¢ ÷
è
ø

m

(6)

where E urref is the reference Young modulus of the soil in an
unloading or reloading stress path, determined for a confining pressure p’ref.
The hardening soil model allows an independent control of distortional and volumetric strain. This variable is
controlled by the tangent oedometer modulus, given by:
E oed = E

ref
oed

æ c¢ cos f¢ + s¢1 sin f¢ ö
ç
÷
ç c¢ cos f¢ + p¢ ref sin f¢ ÷
è
ø

m

(7)

ref
is the reference oedometer Young modulus, dewhere E oed

termined for a confining pressure p’ref, as shown in Fig. 19.
In this case s’1 is used instead of s’3, since this is the only
principal stress controlled.

ref
Figure 19 - Definition of E oed
in oedometer test results.
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Anchored Retaining Walls in Granite Residual Soils II.
A Method for Preliminary Design
N. Raposo, A.T. Gomes, M.M. Fernandes
Abstract. In a companion paper, an extensive parametric study regarding anchored retaining structures was presented,
contributing to better understand the behaviour and most relevant parameters regarding their design. Based on those
results, a novel and simple methodology for preliminary design is presented, providing an alternative procedure for
preliminary design and implementation of the observational method. The methodology consists on the following four
steps: definition of the properties of the excavation to be analysed – target excavation; selection, among all the excavations
simulated in the parametric study, of the reference excavation, that acts as a starting point; calculation of all the correction
factors; prediction of the bending moments and movements of the target excavation. The paper finishes with the
application of the proposed methodology to several examples of increasing complexity, allowing to show how the method
is applied and simultaneously demonstrating its potential for practical purposes.
Keywords: forces and displacements, residual soil, anchored wall, preliminary design.

1. Introduction
In a companion paper (Raposo et al., 2017) it was presented a parametric study analyzing a large number of excavations supported by anchored walls. The geotechnical
conditions assumed correspond to granite residual soils.
Based on that parametric study, this paper presents a
simple numerical method that permits to estimate, with a
reasonable approximation, the relevant results for a preliminary design of anchored walls used to support deep excavations in similar geotechnical conditions.
The task to be accomplished consists in obtaining a
quick estimate for the maximum bending moment in the
wall and the maximum horizontal displacement of the wall
just on the basis of the parametric study results, that is,
without analyzing the excavation using the finite element
method or other numerical tool.
A strategy similar to the one followed by Mana
(1978) and (Mana & Clough, 1981) was adopted, with innovations regarding the mathematical process.
As the maximum bending moment and the maximum
horizontal displacement of the wall were calculated as
function of eight variables, for which typically six different
values were considered, a conventional interpolation procedure would have required more than one million analyses
(68 = 1679616).
Having this in mind, an alternative method was developed, resulting in a large reduction of the total number of
calculations to 158 (Raposo, 2007).
The paper presents some examples of gradually increasing complexity, highlighting the application of the de-

veloped approach. The results seem to prove the utility of
the method but show, as well, its limitations.

2. Procedure for Applying the Proposed
Method
2.1.General description
The proposed methodology was devised for preliminary design purposes and thus it is necessarily simple. The
main aspiration is the possibility of obtaining the maximum
bending moments and wall displacements, parameters that
assume vital importance in the design of retaining structures. The idea is that of obtaining these parameters from
accumulated experience in similar calculations. The
method may easily be adapted to different geotechnical
scenarios and geometrical conditions, which constitutes a
great advantage. It has also the significant benefit of being
an alternative procedure with respect to finite element calculations, providing an additional check for designers.
In simple terms, the method consists in the following
four steps:
A. Definition of the target excavation. The target excavation is the excavation whose preliminary design is required and should be characterized by the following
parameters: excavation depth; bedrock depth;
strength, stiffness and initial stress state of the ground;
stiffness and prestress of the retaining structure.
Table 1 presents the definition of the parameters and
the variation range adopted in the parametric study
(presented in the companion paper).
B. Selection of the reference excavation . The reference excavation is to be chosen among the various excava-
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tions previously calculated and should be as similar as
possible to the target excavation, having in mind the
ground and retaining wall characteristics. The concept
of close similarity depends on the fact that different
parameters have different impact on the results. The
reference excavation may be one of the four base excavations whose characteristics are shown in Table 2,
with results summarized in Table 3, or any other excavation previously calculated.
Table 1 - Parameters and variation range used to characterize the
excavations.
Parameter

Symbol

Variation
range

h

10 to 25

rs

40 to 1600

x

0.1 to 0.3

Bedrock depth

D/h

1.2 to 2.0

Soil stiffness (MPa)

E50

15 to 60

Effective friction angle (°)

f’

30 to 40

Effective cohesion (kPa)

c’

0 to 30

Coefficient of earth pressure at rest

K0

0.4 to 0.6

Excavation depth (m)
Support system stiffness

(1)

Prestressing index(2)

(1)

The stiffness of the support system is calculated by the expression:
EI
(1)
rs = 4
hM g
where EI represents the wall bending stiffness, hM is the maximum
vertical spacing between consecutive supports and g the unit
weight of soil. Taking as an example a wall made of concrete piles
(E = 30 GPa) with a diameter of 0.60 m and 1.20 m separation between axes, with a maximum vertical spacing between consecu3
tive supports of 3 m, in a soil with a unit weight of 20 kN/m , the
stiffness of the support system would be:

( ) / 1.2 = 100

30 ´10 6 ´ p ´ 0 .6460
EI
rs = 4 =
hM g
34 ´ 20

4

(2)

(2)

The prestressing index (x) measures, in a dimensionless form,
the horizontal force applied to the wall by the grid of anchors. The
prestress force to be applied to each anchor, Fa, is defined by the
equation:
xghha la
(3)
Fa =
cos a
where h represents the maximum excavation depth, ha and la are
the average height and width of influence of each anchor, respectively, and a the tilt angle of the anchors. Taking as an example an
excavation with a prestressing index of 0.15, executed in a soil
with a unit weight of 20 kN/m3, down to 15 m depth, supported by
ground anchors with a tilt angle of 30 degrees, spaced 3.0 m horizontally and 2.5 m vertically, the prestress force to be applied to
each anchor should be:
xghha la 015
. ´ 20 ´15 ´ 3 ´ 2.5
(4)
Fa =
=
= 390 kN
cos a
cos 30
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Table 2 - Parametric analysis – base excavation properties.
Excavation

h
(m)

rs

x

D/h

E50
(MPa)

f’
(°)

c’
(kPa)

K0

#A00

15

100

0.15

1.6

22.5

33

12

0.40

#B00

15

100

0.15

1.6

37.5

37

21

0.60

#C00

25

350

0.20

1.2

22.5

33

12

0.40

#D00

25

350

0.20

1.2

37.5

37

21

0.60

Table 3 - Parametric analysis – results of the base excavations.
Mmax
(kNm/m)

dhwall
(mm)

dhsurface
(mm)

dvsurface
(mm)

PSmax(1)
(kN/m)

#A00

193

30.4

14.2

13.1

153

#B00

132

19.4

9.9

5.1

146

#C00

685

46.0

24.2

24.0

332

#D00

437

36.0

21.0

14.0

325

Excavation

(1)

PSmax is the maximum axial force in the anchors divided by the
horizontal influence distance, la, of each anchor.

C. Calculation of the correction factors. For each of the
base variables, the factors that allow scaling the results
of the reference excavation must be calculated. This
task is accomplished using the influence curves defined in Table 4 and Table 5.
D. Multiplication of the correction factors by the results obtained in the reference excavation. With this operation
the predictions for the maximum bending moment and
maximum horizontal displacement of the wall are obtained.
2.2. Prediction of the bending moments
The maximum bending moment can be predicted
through the following expression:
M max = M ref ´ cm h ´ cm D ´ cm x
´ cm r s ´ cm E 50 ´ cm f ´ cm c ´ cm K 0

(5)

which is the maximum bending moment in the reference
excavation multiplied by the correction factors for the several parameters involved in the problem.
The correction factors for the bending moments are
obtained by dividing the influence factors for the target excavation by the respective influence factors for the reference excavation, according to the equation:
cm i =

a i (target excavation)
a i ( reference excavation)

(6)

where variable i represents a generic parameter and ai is the
influence factor for the bending moment relative to variable
i. As referred in the companion paper, ai corresponds to the
value of the function that best defines the average influence

Soils and Rocks, São Paulo, 40(3): 243-254, September-December, 2017.

Anchored Retaining Walls in Granite Residual Soils II. A Method for Preliminary Design

Table 4 - Influence factors for the maximum bending moments of the wall.
Influence factor
ars
ah
a E 50
as
af
ax
a K0
aD

Equation
0.04424r

Influence factor range

Impact grade

0 . 5318
s

0.286 to 2.405

A (8.41)

0.9723

0.562 to 1.886

A (3.36)

-0.4814

0.678 to 1.468

B (2.17)

0.07089h
0.5188E50
2

0.0004362c’ - 0.02752c’ + 1.199
-1.366

138.8f’
2

3.414x - 1.930x+ 1.250
2

-6.207K0 + 6.807K0 - 0.8492
2

0.3865(D/h) - 1.375(D/h) + 2.210

0.679 to 1.255

B (1.85)

0.861 to 1.485

B (1.72)

0.908 to 1.218

C (1.34)

0.850 to 1.040

C (1.22)

0.978 to 1.147

C (1.17)

Table 5 - Influence factors for the maximum horizontal displacements of the wall.
Influence factor
bh
bx
bE50

Equation

Influence factor range

Impact grade

2.141

0.375 to 3.508

A (9.35)

-0.7131

0.651 to 2.137

A (3.28)

-0.7009

0.544 to 1.761

A (3.24)

0.02976h
0.3193x

10.80E50
2

bc

0.0005111c’ - 0.03016c’ + 1.218

0.670 to 1.352

B (2.02)

br s

-0.1072 ln(rs)+ 1.623

0.752 to 1.379

B (1.83)

bf
bD
bK 0

-1.535

0.880 to 1.495

B (1.70)

2

0.698 to 1.103

C (1.58)

2

0.736 to 1.103

C (1.50)

256.9f’

-0.4153(D/h) + 1.623(D/h) - 0.5279
-7.666K0 + 9.203K0 - 1.683

of variable i on the maximum bending moment of the wall.
Naturally, if one parameter is the same in the base and in the
target excavation, it is not necessary to calculate the corresponding correction factor, as the influence factors are the
same and thus their ratio is 1.
Table 4 contains a list of the equations that allow the
calculation of the different influence factors for the bending
moment, to be included in Eq. (6). These equations result
from an extensive parametric study presented in the companion paper (Raposo et al., 2017).
Considering the application of the method, it is crucial to know which parameters are more relevant, i.e., those
whose variation has greater consequences on the wall maximum bending moment.
The definition of the impact grade of each parameter
was performed by analysing the range of the influence factor. This range, shown in the third column of Table 4, was
defined from the extreme values of the parametric study
done by Raposo et al. (2017) and not from the equation defining the influence factor. The ratio between the upper and
lower limits of the range is presented inside brackets in the
last column of Table 4. Taking this numerical classification
as a starting point, a qualitative scale from A to C was defined, aiming to simplify the interpretation of the table,
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with A corresponding to a relevant impact and C to a reduced impact. It should be noticed that the minimum theoretical value of this ratio is 1, corresponding to a variable
with no influence on the wall maximum bending moment.
2.3. Prediction of the maximum horizontal displacements of the wall and the ground surface
The prediction of the maximum wall displacement is
performed through a methodology similar to the one presented for the maximum wall bending moment, using the
following expression:
ref
dh wall = dh wall
´ cd h ´ cd D ´ cd x ´ cdr s

´ cd E 50 ´ cd f ´ cd c ´ cd K 0

(7)

which consists of multiplying the horizontal displacement
of the wall, obtained in the reference excavation, by the
several correction factors corresponding to the different
variables.
As for the bending moments, the correction factors
are obtained dividing the influence factors for the target excavation by the respective factors for the reference excavation, as expressed by the following equation:
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cd i =

b i (target excavation)
b i ( reference excavation)

(8)

where i represents the generic parameter and bi the displacement influence factor for parameter i.
Table 5 presents the equations of the displacement influence factors and information on the range of each influence factor. In the rightmost column of the table is presented a classification regarding the impact grade of each
parameter, i.e., its ability to influence the maximum horizontal displacement of the wall. Again, the impact grade of
each parameter was determined by the range of the influence factor, similarly to the procedure adopted for the maximum wall bending moment.
In the parametric study described in the companion
paper (Raposo et al., 2017), a global analysis of the displacements was performed and it was clear the correlation
between the maximum horizontal displacement of the wall
and the maximum horizontal displacements of the surface.
Having in mind the strong correlation between these two
variables, the maximum horizontal displacement of the surface of the supported ground may be estimated by the following equation:
max
dh max
surface = 0.54 dh wall

(9)

2.4. Validation of the proposed method
Once the reference excavation is chosen, the use of
the method is simple and can be easily implemented in a
spreadsheet. With Eqs. (5) and (7), respectively, the maximum wall bending moment and maximum horizontal displacement of the wall can be easily predicted. Table 4 and
Table 5 present all the necessary equations for determining
the correction factors.
Before applying the method, it was necessary to validate it within the range of excavations used. For this purpose, an automatic procedure was implemented in a
spreadsheet and, for all the 158 calculated excavations, a
prediction of the results was performed using the proposed
method. It should be mentioned that in this case the choice
of the reference excavation was relatively evident as any
calculation was defined varying just one parameter with respect to its base excavation. In such conditions the reference excavation was assumed to be the base excavation.
The accuracy of the method was evaluated through
the calculation of a parameter named relative deviation, Rd,
which consists on the deviation between the predicted and
calculated results, as follows:
pv - cv
Rd =
cv

(10)

where pv corresponds to the predicted value using the proposed method and cv to the calculated value using the finite
element method.
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Table 6 presents the maximum and minimum values
of Rd obtained in the 158 calculations performed. Negative
values mean that the predicted value is lower than the calculated value. Although certain values seem too large, they
result from the reduced magnitude of the variables involved. This is the case of the calculation corresponding to
the maximum Rd, in which the predicted value for the maximum wall displacement is 7.1 mm while the calculated
value is 4.5 mm. The value of Rd is 60%, although the real
difference is only 2.6 mm, which can be considered small
for practical purposes.
Table 6 also presents the average of the obtained Rd
for two different situations: the column defined as Absolute
Average is obtained using the modulus of Rd; the column
defined as Average is obtained using the real value of Rd,
which may be positive or negative. The Absolute Average
is necessarily bigger than the real average, where positive
and negative Rd values tend to compensate each other. If
the Average Rd was significantly different from zero, some
incongruence in the method would have occurred.
Although the maximum Rd achieves relevant values,
the Absolute Average is significantly lower, assuming the
values of 4.2% for the maximum wall bending moment and
7.8% for the maximum horizontal displacement of the wall.
These values certify the accuracy of the procedure presented in this paper. Additionally, the average of the Rd values is very close to zero, constituting a preliminary
validation for the proposed methodology.
Finally, it must be referred that the accuracy in predicting bending moments is much higher than the accuracy
in predicting displacements, either of the wall or of the
ground. This result was expected, as the influence factors
regarding the maximum horizontal displacements of the
wall are bigger than the ones referring to the bending moments. The product of the eight values that measure the impact grade regarding the bending moments (Table 4) is
373.2, while the same product for the maximum horizontal
displacements of the wall (Table 5) is 1479.9, proving the
higher variability of the latter.
2.5. Alternative methodology for selection of the Reference Excavation
An alternative procedure to overcome the difficulty
of choosing the reference excavation is based not in the selection of a single reference excavation, but in using all the
four base excavations as starting points for the parametric
study. These excavations were presented in Table 2 and are

Table 6 - Relative deviation between predicted and calculated
values.
Maximum

Minimum

Absolute average

Average

Mmax

38.9%

-11.4%

4.2%

0.4%

dhwall

60.0%

-22.3%

7.8%

0.5%
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described in detail in the companion paper. Starting from
the four base excavations, it is possible to make four different predictions. The average of those predictions should be
close to the value obtained through calculations using the
Finite Element Method.
This strategy presents two great advantages: it eliminates the difficulty of choosing the reference excavation
and attenuates local disturbances in the functions expressing the maximum bending moment and horizontal displacement of the wall, resulting in very satisfactory predictions. The main disadvantage results from the attempt to
approximate these functions from excavations amply different from the target excavation, transforming the method
in a purely mathematical process, and thus totally neglecting the necessary engineering judgment for this type of
problems.

proving itself by integrating results from new calculations
or even real monitoring results.
All the predictions performed in the previous examples result from interpolations based in the several calculations performed. Naturally, extrapolating out of the calculated ranges might lead to results with reduced confidence
or even to poor results. The purpose of Example 5 is to
show the risk of applying the method to excavations clearly
different from the ones previously used to define the influence functions and, particularly, the risk of predicting results for situations out of the validated range of each parameter.
Table 7 presents the values of the several parameters
characterizing the excavations adopted as examples, as
well as the parameters of the excavations #A00 to #D00,
chosen as reference excavations.

3. Examples

3.2. Example 1

3.1. Strategy for choosing the examples
Although the description of the method has been thoroughly explained in the previous sections, some examples
are performed for its full understanding, with the additional
advantage of contributing to the validation of the proposed
methodology.
The selection of the examples follows a strategy of increasing difficulty in the choice of the reference excavation, allowing the reader to understand and master the proposed methodology.
Example 1 is intended to be as simple as possible. In
such conditions, it shall be almost coincident with one of
the reference excavations, varying just one parameter. The
simplicity of the example should not create any difficulty in
selecting the reference excavation and lead to satisfactory
results.
Example 2 corresponds to an additional step in the
difficulty of selecting the reference excavation, particularly
focusing the doubt on two reference excavations. An example was created whose geometry is coincident with geometry 1, presented in the companion paper, but the geotechnical properties of the excavated soil are in between the
properties adopted for geotechnical scenarios 1 and 2. In
such conditions, the doubt in selecting the best reference
excavation arises.
Example 3 intends to demonstrate the application to
an excavation where both the geometrical conditions and
the geotechnical scenario are significantly different from
any of the reference excavations. This situation can lead to
some difficulty in choosing the best reference excavation
and so, taking advantage of the situation, alternative methodologies for selecting the reference excavation are discussed.
The purpose of Example 4 is to show an extra capability of the proposed method, which is the possibility of im-
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In the first, necessarily simple, example, the proposed
preliminary design method will be used to estimate the
maximum wall bending moment and maximum wall horizontal displacement for the excavation nominated #Ex1. As
can be observed in Table 7 and Fig. 1, this excavation is
identical to the reference excavation #A00, except for the
parameter rs (support system stiffness), justifying the choice of excavation #A00 as reference excavation. In such
conditions, only the correction factor regarding the support
system stiffness needs to be calculated, as all the other factors are equal to one.
Using the equations presented in Table 4, it is possible to determine the following values of factors a r S for the
target excavation (#Ex1) and for the reference excavation
(#A00), respectively:
a r s =180 = 0.04424 ´ 180 0. 5318 = 0.700

(11)

a r s =100 = 0.04424 ´ 100 0. 5318 = 0.512

(12)

and

Table 7 - Main characteristics of the excavations used in the examples.
Excava- h
tion
(m)

rs

x

D/h

E50
(MPa)

f’
(°)

c’
(kPa)

K0

#A00

15

100

0.15

1.6

22.5

33

12

0.40

#B00

15

100

0.15

1.6

37.5

37

21

0.60

#C00

25

350

0.20

1.2

22.5

33

10

0.40

#D00

25

350

0.20

1.2

37.5

37

20

0.60

#Ex1

15

180

0.15

1.6

22.5

33

12

0.40

#Ex2

15

100

0.15

1.6

30.0

35

#Ex3

17.5

250

0.17 1.25

30.0

35

15

0.55

#Ex4

17.5

250

0.24 1.25

30.0

35

15

0.55

#Ex5

30

700

0.15

70.0

40

40

0.50

1.4

16.5 0.50
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Figure 1 - Example 1: Excavation characteristics and results.

The ratio of these two values results in the correction
factor for the maximum bending moment, cmrs, of 1.367.
Considering the maximum bending moment obtained in
calculation #A00 (193 kNm/m, as shown in Fig. 1) and using Eq. (5), the estimated bending moment for excavation
#Ex1 is 264 kNm/m.
Adopting the same procedure for the maximum horizontal displacement of the wall, the coefficients br S for
both excavations are obtained using the equation presented
in Table 5:
br s =180 = -01072
.
ln(180) + 1623
.
= 1.066

(13)

br s =100 = -01072
.
ln(100) + 1623
.
= 1129
.

(14)

and

The ratio of these two values corresponds to the correction factor regarding the maximum horizontal displacement of the wall, whose value is 0.944. Using Eq. (7), a
horizontal displacement for excavation #Ex1 of 28.7 mm is
obtained, which is roughly 5.6% lower than the one corresponding to excavation #A00.
The predicted maximum horizontal displacements at
the surface, obtained using Eq. (9), is equal to 15.5 mm.
Figure 1 presents a summary of the predicted and calculated values. The relative difference, Rd, is lower than
2% in the case of the bending moments. Curiously, for the
horizontal displacements of the wall, the prediction coincides with the calculations. Regarding the horizontal
displacements of the surface, the difference between the
prediction and the calculation is 12% of the latter. This difference is typically higher than the differences in the bending moments and the horizontal displacement of the wall, as
a second order estimation is used.
3.3. Example 2
In the previous example, the selection of the reference excavation was obvious as excavation #A00 was totally coincident with Example 1, except for the support
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system stiffness. In Example 2, as can be seen in Fig. 2, the
geometric conditions are coincident with the reference excavations #A00 and #B00, while the geotechnical properties, namely E50, f’, c’ and K0, are exactly the mean values
of the geotechnical properties of the two reference excavations (#A00 and #B00).
In such conditions, both excavations, #A00 and
#B00, could be properly adopted as reference excavations.
Figure 2 illustrates the results obtained for Example 2
adopting as reference excavation either excavation #A00 or
excavation #B00.
Similarly to what was done in example 1, the equations presented in Table 4 were used to calculate the influence factors ai, while the equations presented in Table 5
were used to calculate the factors bi. Table 8 presents all influence and correction factors for Example 2, excavation
#A00 and excavation #B00. The last column of the table
shows the product of the several correction factors and,
thus, it is an indirect measure of the difference between the
chosen reference excavation and Example 3.
The predictions obtained are, in any situation, quite
satisfactory, reaching a maximum Rd of 6.9% in the case of
the maximum horizontal wall displacement. Regarding the
bending moments, the deviations are both below 2.4%,
which may be considered as an excellent result for preliminary design purposes.
Although reference excavations #A00 and #B00
could, apparently, be equally adopted, from the results presented in Fig. 2 it is clear that the quality of the prediction is
dependent on the chosen reference excavation. Particularly
for example 2, excavation #A00 is a better reference for
predicting the maximum horizontal displacements of the
wall, while excavation #B00 is preferable for predicting the
maximum wall bending moments. The justification for this
apparent contradiction is related to the impact grade of each
parameter, as seen in Table 4 and Table 5.
Having in mind the previous results, it is clear that the
reference excavation should be as similar as possible to the
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Figure 2 - Example 2: Excavation characteristics and results.

Table 8 - Example 2: influence factors and correction factors.
h

rs

x

D/h

E50

f’

c’

K0

Product

ai (#Ex2)

0.987

0.512

1.037

0.998

0.995

1.079

0.863

1.003

-

ai (#A00)

0.987

0.512

1.037

0.998

1.143

1.170

0.931

0.880

-

cmi (#A00)

1.000

1.000

1.000

1.000

0.871

0.923

0.927

1.139

0.849

ai (#B00)

0.987

0.512

1.037

0.998

0.894

1.001

0.812

1.000

-

cmi (#B00)

1.000

1.000

1.000

1.000

1.113

1.079

1.062

1.002

1.278

bi (#Ex2)

0.981

1.129

1.235

1.006

0.996

1.096

0.860

1.002

-

bi (#A00)

0.981

1.129

1.235

1.006

1.218

1.199

0.930

0.772

-

cdi (#A00)

1.000

1.000

1.000

1.000

0.817

0.914

0.925

1.299

0.897

bi (#B00)

0.981

1.129

1.235

1.006

0.852

1.006

0.810

1.079

-

cdi (#B00)

1.000

1.000

1.000

1.000

1.169

1.089

1.061

0.929

1.255

target excavation, favouring the parameters with higher
impact grade. This observation confirms the difficulty in
choosing the best reference excavation, given the fact that
the concept of “as similar as possible” may not be evident.
3.4. Example 3
In the third example, the target excavation is designated #Ex3, whose characteristics are presented in Table 7
and illustrated in Fig. 3. In this case, the choice of the reference excavation is not immediate as all the parameters differ from those of all of the four Base Excavations and, thus,
any of them could be used as reference. Table 9 presents the
influence factors and correction factors for example 3.
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Considering the results presented in Fig. 3, it is not
clear which is the best reference excavation. For the maximum wall bending moments, the best reference would be
excavation #D00, but excavations #A00 and #C00 can also
conduce to very satisfactory predictions, with Rd values
lower than 1.5%. Excavation #B00 leads to an higher Rd,
and can be considered the worst reference excavation for
predicting bending moments in example 4.
Concerning the maximum wall horizontal displacements, excavations #A00 and #D00 give very satisfactory
results. On the other hand, the predictions based on excavations #B00 and #C00 are quite different from the results obtained with the numerical calculations.
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Figure 3 - Example 3: Excavation characteristics and results.

Table 9 - Example 3: influence factors and correction factors.
h

rs

x

D/h

E50

f’

c’

K0

Product

ai (#Ex3)

1.146

0.834

1.021

1.094

0.995

1.079

0.883

1.017

-

ai (#A00)

0.987

0.512

1.037

0.998

1.143

1.170

0.931

0.880

-

cmi (#A00)

1.162

1.628

0.984

1.096

0.871

0.923

0.949

1.155

1.797

ai (#B00)

0.987

0.512

1.037

0.998

0.894

1.001

0.812

1.000

-

cmi (#B00)

1.162

1.628

0.984

1.096

1.113

1.079

1.088

1.017

2.709

ai (#C00)

1.621

0.997

1.001

1.115

1.143

1.170

0.967

0.880

-

cmi (#C00)

0.707

0.836

1.020

0.981

0.871

0.923

0.914

1.155

0.501

ai (#D00)

1.621

0.997

1.001

1.115

0.894

1.001

0.822

1.000

-

cmi (#D00)

0.707

0.836

1.020

0.981

1.113

1.079

1.075

1.017

0.776

bi (#Ex3)

1.365

1.031

1.130

0.852

0.996

1.096

0.881

1.060

-

bi (#A00)

0.981

1.129

1.235

1.006

1.218

1.199

0.930

0.772

-

cdi (#A00)

1.391

0.913

0.915

0.847

0.817

0.914

0.947

1.373

0.956

bi (#B00)

0.981

1.129

1.235

1.006

0.852

1.006

0.810

1.079

-

cdi (#B00)

1.391

0.913

0.915

0.847

1.169

1.089

1.087

0.982

1.338

bi (#C00)

2.928

0.995

1.006

0.822

1.218

1.199

0.968

0.772

-

cdi (#C00)

0.466

1.036

1.123

1.037

0.817

0.914

0.910

1.373

0.525

bi (#D00)

2.928

0.995

1.006

0.822

0.852

1.006

0.819

1.079

-

cdi (#D00)

0.466

1.036

1.123

1.037

1.169

1.089

1.075

0.982

0.756

In any case, the predicted values are very satisfactory
having in mind that the proposed method aims to be used
for preliminary design purposes. Independently of the reference excavation, the maximum Rd is 5.0% for the maximum bending moment, and 14.5% for the maximum horizontal wall displacements. These values are totally
acceptable for preliminary design.
Despite the overall good results of the predictions, the
method could be improved if the choice of the reference excavation was the most adequate, as it plays a vital role in the
predictions.
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As can be observed from the values in Fig. 3, the estimated values are close to the values obtained using the Finite Element Method, with the maximum difference around
8%. As the relative errors are negative, this means that the
estimated values are lower than those obtained by the finite
element calculations.
Example 3 is a typical case in which the predictions
may be performed in a totally automatic mode, i.e., without
the need for choosing a reference excavation, as explained
in section 2.5.
Considering the results obtained using the Finite Element Method as correct, the maximum error resulting from
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the use of the proposed method, presented in brackets in Table 10, is lower than 10% for both bending moment and displacement. Apparently, using the automatic procedure,
based on the use of the four reference excavations simultaneously, it is possible to have results with similar or better
accuracy than using a single reference excavation.
3.5. Example 4
The main purpose of the fourth example is to illustrate another capability of the proposed method: the possibility to progress by integrating new results (or monitoring
data from real construction sites).
Suppose that the actual bending moments and displacements of excavation #Ex3 are known. Admit now that
it is important to evaluate the effect of increasing the anchor
prestressing, which would result in a different excavation,
nominated from now on #Ex4. Admit that the prestress will
be increased from 167 kN/m to 233 kN/m. This increase
corresponds to a variation in the prestressing index from
0.17 to 0.24, as shown in Fig. 4.
Using the method presented in this paper, it is only
necessary to determine the correction factors corresponding to the prestressing index (cmx and cdx) and to multiply

Table 10 - Example 3: Estimated and calculated values.
Reference
excavation
#A00

Mmax
(kNm/m)

dhwall
(mm)

dhsurface
(mm)

346 (+1.5%)

29.1 (+3.2%)

15.7 (+4.0%)
14.0 (-7.3%)

each of them by the bending moments and horizontal displacements of the wall for excavation #Ex3, respectively.
Table 11 presents the influence factors and correction
factors for the problem. Bearing in mind the values for the
correction factors cmx and cdx, the increase in prestress from
167 kN/m to 233 kN/m, maintaining all the other characteristics of the excavation, will produce a reduction of the
bending moment of around 4% (cmx is equal to 0.964) and a
reduction of the maximum horizontal displacement of the
wall close to 20% (cdx is equal to 0.782).
Both, the predicted values and the values obtained
with the Finite Element Method, were included in Fig. 4,
together with the difference between them. As can be observed, the deviations obtained are minimal.
This example proves that the accuracy of the methodology used in the predictions can improve itself by incorporating new data, creating a kind of Bayesian knowledge.
3.6. Example 5
The final example intends to illustrate the risk of using the proposed methodology in conditions significantly
different from the ones validated with the several calculations performed. The excavation in this example has 3 parameters outside the studied range. Fig. 5 presents the
geotechnical and geometric characteristics of #Ex5. The
excavation depth increased to 30 m, 5 m more than the
maximum excavation tested, the cohesion of the ground is
assumed to be 40 kPa, while the assumed validation range
for this parameter had a maximum of 30 kPa, and the soil
stiffness is characterized by an E50 of 70 MPa, a value also

#B00

358 (5.0%)

25.9 (-8.2%)

#C00

344 (+0.9%)

24.1 (-14.5%) 13.0 (-13.9%)

#D00

339 (-0.6%)

27.2 (-3.5%)

14.7 (-2.6%)

ax (#Ex4)

0.983

bx (#Ex4)

0.883

Average

347 (1.8%)

26.6 (-5.7%)

14.4 (-4.6%)

ax (#Ex3)

1.021

bx (#Ex3)

1.130

cmx (#Ex4, #Ex3)

0.964

cdx (#Ex4, #Ex3)

0.782

FEM

341

28.2

15.1

Table 11 - Example 4: influence factors and correction factors.

Figure 4 - Example 4: Excavation characteristics and results.
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Figure 5 - Example 5: Excavation characteristics and results.

higher than the maximum Young modulus previously used.
All the remaining parameters were within the validation
ranges used.
Although the parameters out of the validation range
were not significantly outside the range, the results presented in Fig. 5 clearly show that the obtained Rd are markedly higher than the equivalent deviations in the previous
examples. In this case these Rd values are always above
10% and, in most of the situations, above 20%. Extreme
values of 40% are obtained.
The example presented proves that the proposed methodology has to be used with caution and extrapolations
should be avoided. In any case, preliminary design information may be obtained and the evolutionary characteristic
of the method allows future developments in order to enlarge the range of geotechnical and geometrical scenarios.

4. Final Considerations
This paper proves the utility of a novel procedure that
may be used for the preliminary design of earth retaining
structures. Although the calculations performed for validation have indicated that this method is capable of predicting
the maximum bending moment and maximum wall displacements with appreciable accuracy, it is imperative to
emphasize that, in particular situations, relevant discrepancies may occur between the estimated values and those calculated through the Finite Element Method.
A particular example of what was referred in the previous paragraph is related to the support system stiffness.
Although in its conceptual definition the distance between
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anchors is included, the numerous tests performed proved
that, in certain cases, this parameter is not enough to guarantee the quality of the estimation. The conclusion to be extracted from the results is that the critical spacing is the one
referring to the distance between the last level of anchors
and the bottom of the excavation. It was also noticed that,
when the critical spacing differs from the value of 3.0 m,
the value adopted for all the excavations, the estimated values may significantly diverge from the calculated ones.
Despite this handicap, the method presents its own
utility. It is only necessary to consider another correction
factor that takes the above mentioned aspects into consideration. One of the great advantages of the proposed method
is its ability to evolve, being possible to include or exclude
parameters at any moment in order to take into account any
particular aspect.
The vital phase in the application of the proposed
methodology is the definition of the geometrical parameters of the excavation and respective ground properties. The
consecutive use of the method will increment its accuracy
and confidence. Even having in mind that access to finite
element codes is nowadays easy, the method may be used
for an additional and different check.
The illustrated examples contribute for clarifying
how to use the procedure, but also demonstrate the good results and accuracy of the methodology.
In spite of the global quality of the results, not only in
the presented examples but also in many other calculations
performed, it is important to refer that the method can make
predictions by extrapolating from previous results, being
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possible that important differences may occur in particular
situations. Anyhow, these errors may be modest when compared to the difficulty in accurately defining parameters
such as stiffness or the initial stress state of the ground,
making the method appropriate for preliminary design purposes.

5. Appendix A –Mathematical Formulation
of the Proposed Method
In order to clarify the modus faciendi of the proposed
method for estimating forces and displacements, this section is devoted to its detailing and explanation.
From a mathematical point of view, this problem consists in determining the value of an unknown function,
knowing the values of the variables the function depends
on. In order to explain the adopted procedure, the function
Z(x, y), will be used as an example. This function, represented in Fig. 6, has the following analytical equation:
Z ( x, y) = ( x 2 - 2x + 3)(log( y - 9) + 0.3)
+0.2x + 4

Figure 7 - Base points and one-dimensional analysis.

curves represented in Fig. 7 by the lines with constant yy
correspond to:

(15)

The starting step consists in the definition of two
points, from now on designated as “base points”. The choice of these points did not follow any specific rule but they
should be located as much apart as possible within the studied domain.
Figure 7 shows the base points used in this example.
The adopted points, in this case, correspond to the squares
identified by 1 and 2, and have the following coordinates:
Base point 1: (x = 1, y = 2);
Base point 2: (x = 2.5, h = 16).
Picking each of the base points, the function was
computed assuming for x all the possible values in the range
{0, 0.5, 1, 1.5, 2, 2.5, 3}, resulting in the points shown in
Fig. 7. Using the method of least squares, these points can
be approximated by two curves that reflect the influence of
parameter x. For function Z(x, y), defined by Eq. (15), the

f y =12 ( x) = 0.7771x 2 -1354
. x + 6.331

(16)

. x 2 - 2.090x + 7.435
f y =16 ( x) = 1145

(17)

and

These curves can placed in the same vertical plane, as
shown in Fig. 8a, and then n with respect to any point in the
domain. Setting x = 1.5 as the normalization reference
value, as shown in Fig. 8b, it is possible to determine an average normalized influence curve for variable x, in this case
defined by the following equation:
f med ( x) = 01450
x 2 - 0.2639x + 1.064
.

(18)

Adopting the same method for variable y, the following equation is obtained:
g med ( y) = 0.5763 log( y - 9) + 1

(19)

After determining the average influence curves for
each variable, it is possible to estimate the value of Z(x, y) in
any point of the domain. It is, of course, possible to estimate
values of Z(x, y) using values of x or y out of their domain of
variation, but that procedure should be avoided as it can
produce significant errors.
In order to calculate Z’(x, y), the function that represents the estimated value for Z(x, y) in any point with coordinates (x, y), a scalar a should be multiplied by both
functions of the average influence of each of the variables,
fmed(x) and gmed(y), as defined by the following equation:
Z ¢( x, y) = a f med ( x) g med ( y)

(20)

Factor a is determined from a known point of the
function Z(x, y) in such a way that Z’(x, y) matches Z(x, y) in
that point. Eq. (20) may be rewritten as:
Z ¢( x, y) = Z ( a, b) c( x) c( y)
Figure 6 - Three-dimensional representation of the function
Z(x, y).
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(21)

where c(y) is equal to fmed(x)/fmed(a) and c(x) corresponds to
gmed(y)/gmed(b).
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Figure 8 - Parametric analysis for variable x.

Equation (21) clarifies the procedure adopted in the
proposed preliminary design method and shows how, starting from a known value of the function Z(a, b), the value for
the function in another point can be estimated, by multiplying it by the corrective factors c(x) and c(y), each corresponding to a variable in the function.
Figure 9 shows the overlapping of the function
Z(x, y), defined by the opaque surface, and the function
Z’(x, y), defined by the grid. To define the function Z’(x, y)
the two functions were forced to coincide at point (2.5,16),
corresponding to base point 2, and shown in Fig. 9 by a
square. The parameter a assumed, in this case, the value
4.75. In certain areas of Fig. 9 the grid representing the
function Z’(x, y) is not visible as it is below the surface representing the function Z(x, y).
Raposo (2007) presents a detailed description of the
methodology briefly presented in the preceding paragraphs. A similar procedure was adopted for the functions
maximum bending moment and maximum horizontal dis-

placement of the wall. For this purpose, individual analysis
of each variable were performed starting from 4 different
base excavations.
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Influence of Traverse Velocity and Pump Pressure on the
Efficiency of Abrasive Waterjet for Rock Cutting
P.B. Arab, T.B. Celestino
Abstract. This paper presents investigations on the behavior of four types of rocks (syenite, granite, marble and sandstone)
subjected to abrasive waterjet cutting. The influence of traverse velocity and pump pressure on the efficiency of cutting is
analyzed. Moreover, the influence of the physical-mechanical behavior of the rocks on their removal process is
investigated. It was found that, in general, the removed volume of rock and the cutting rate tend to increase with the
decrease of traverse velocity and with the increase of pump pressure. Moreover, the opposite trend was observed in the
analysis of the specific energy of cutting. Optimum conditions of cutting efficiency were found when cutting the studied
rocks with a traverse velocity of 200 mm/min and a pump pressure of 400 MPa. Finally, the marble and the sandstone
presented the lowest resistance to abrasive waterjet cutting while the syenite and granite presented the highest resistances.
Keywords: Abrasive waterjet, efficiency of cutting, physical-mechanical behavior, rock cutting.

1. Introduction
Abrasive waterjet (AWJ) consists in a versatile and
non-conventional cutting technique which has been effectively applied to rock cutting since the late 1980s. In geotechnics, it is also frequently applied in mineral extraction,
hydrodemolition and well drilling (Summers, 1995). Until
the early 1980s, AWJ machining was considered economically unfeasible, yet researchers made efforts in order to develop technologies which ensured its growth into a fullscale viable production process (Akkurt et al., 2004). The
AWJ action involves high impact forces which lead to the
generation and propagation of cracks through the affected
area of the rock. Cracking occurs along with erosion in order to disaggregate the target, producing a kerf. At the top
of the kerf the cracking process is more intense, while at the
bottom what predominates is erosion because of AWJ energy loss with increasing depth. AWJ rock cutting is a complicated process due to the turbulent action of the jet and the
complexity of the rock material, which is generated in uncontrolled environment without human interference. Moreover, it is composed by different types of minerals with distinct behaviors. Because of that, some researchers have
been discouraged to continue developing studies with focus
on rock behavior, giving preference to working with a single type of rock, mainly granites, or “rock-like” materials
like concrete (Momber et al., 1999; Momber & Kovacevic,
1999; Lauand et al., 2001; Aydin et al., 2012; Karakurt et
al., 2012; Aydin et al., 2013; Oh & Cho, 2016). Even presenting mechanical similarities, concrete is similar only to a
restricted range of rocks, thus the phenomena involved in
AWJ rock cutting must focus on varied rocks as materials
studied. Therefore, the present study aims to contribute
with an experimental analysis of the behavior of four differ-

ent types of rocks when subjected to AWJ cutting. The influence of traverse velocity (vT) and pump pressure (P) on
the efficiency of cutting is investigated. The traverse velocity is the velocity with which the AWJ machine nozzle runs
across the target surface, i.e. the rock surface.

2. Experimental Study
2.1. The abrasive waterjet machine
The machine used in this research is a Flow Mach 2C
and the tests performed involved a pressure range from 100
to 400 MPa and a traverse velocity from 100 to
400 mm/min. Figure 1 presents a flowchart which summarizes the machine operating system. Tap water is filtered
and maintained under little pressure inside the booster
pump to ensure that the intensifier pump is kept fed. The intensifier pump consists of two circuits: the oil circuit and
the water circuit. The oil circuit drives the intensifier piston
so that it may push the water and amplify its pressure. At
the initial condition of the water, the oil is kept in a reservoir and a hydraulic pump maintains it under low pressure.
Then, the pressurized water goes through the attenuator,
which damps pressure fluctuations assuring a steady water
flow through the plumbing to the cutting head. The water
passes through the orifice, which is responsible for converting pressurized water into a waterjet. The abrasive material
(almandine garnet) joins the waterjet by suction due to the
effect of the waterjet and the water and abrasive material
are mixed and homogenized inside the nozzle, before leaving the machine and hitting the target as an abrasive
waterjet. When the jet leaves the target, it is collected in a
water tank.
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Figure 1 - Flowchart of the AWJ machine operating system.

2.2. Tested rocks
Four types of Brazilian rocks were selected based on
their distinct physical-mechanical characteristics: syenite,
granite, marble and silicified sandstone. Rock blocks were
collected in single batches at quarries in the States of São
Paulo and Espírito Santo. The main properties and mineralogical compositions of the specimens are shown in Table 1.
The tensile strength and the Schmidt hardness were determined based on the ISRM Suggested Methods (1978,
2009). The compressive strength and the Young’s modulus
were determined according to the ISRM Suggested
Methods (1979), while the dry density, porosity and
Amsler wear were determined according to the Brazilian
standards NBR 12766 (ABNT, 1992a) and NBR 12042
(ABNT, 1992b). Thin sections of the rocks were examined
for determination of the mineralogical composition and
texture.
2.3. Rock specimens for cutting tests
Rock blocks were cut and rectified as rectangular
prisms with minimum dimensions of 100 x 100 x 160 mm.
The machine parameters were adjusted so that the specimens were not cut through. The intention was to generate
kerfs in order to investigate parameters related to the volumes of the kerfs. For the same type of rock and the same

256

conditions of cutting, five tests were performed to increase
the reliability of the results.
2.4. Tests performed
According to Momber (2004) the most important machine parameters which influence the cutting performance
of brittle materials are traverse velocity (vT), pump pressure
(P) and abrasive flow rate (mA). In the present study, the
first two parameters were investigated.
The experimental program involved tests with two
main different conditions: variation of traverse velocity and
variation of pump pressure. The other parameters were kept
constant during the experiments (Table 2). Data analysis
was made through scatter diagrams and basic regression.
For the analysis of pump pressure data, second order polynomial curves fitted adequately. However, it was observed
that the scatter diagrams for traverse velocity data showed
more complex behavior, which could not be described by
basic functions in consistency with reality. Therefore, fitting for these cases is not shown.
The volumes of the kerfs were determined by filling
them with mercury. Eq. 1 describes the calculation of the
mercury volume inside a kerf, which corresponds to the
volume of removed rock. V is the volume of the kerf (cm3),
mHg is the mass of mercury (g), ms is the mass of the syringe
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Table 1 - Main properties and mineralogical compositions of the rocks studied.
Features
Physical and mechanical

Syenite

Granite

Marble

Sandstone

Dry density (g/cm )

2.71

2.61

2.82

2.31

Porosity (%)

0.064

0.182

0.313

2.830

3

Amsler abrasion wear (mm/1000 m)

0.86

0.68

7.96

1.53

Tensile strength (MPa)

13.20

10.17

4.22

12.11

Compressive strength (MPa)

257.17

182.41

69.75

191.85

Schmidt hardness

47.60

46.90

39.10

41.20

Young’s modulus (GPa)

75.34

73.91

54.84

34.72

40

45

-

traces

Mineralogical composition (%) Alkali feldspar
Plagioclase

20

16

-

-

Quartz

-

35

-

100

Augite

12

-

-

-

Nepheline

12

-

-

-

Biotite

2

2

-

-

Hornblende

1

-

-

-

Apatite

5

traces

-

-

Olivine

3

-

-

-

Opaque minerals

5

2

-

-

Calcite/Dolomite

-

-

100

-

Lithic fragments

-

-

-

traces

Epidote

-

-

traces

-

Zircon

traces

traces

-

-

Table 2 - Machine parameters adopted in the tests.
Test 1 (vt variation)

Test 2 (P variation)

Pump pressure - P (MPa)

400

100, 200, 300, 400

Nozzle angle (°)

90

90

Machine parameters

Traverse velocity - vT (mm/min)

100, 200, 300, 400

200

Stand-off distance - hS (mm)

5.00

5.00

Orifice diameter - d0 (mm)

0.33

0.33

1.02

1.02

Abrasive flow rate - mA (g/min)

Nozzle diameter - dF (mm)

408.23

408.23

Abrasive diameter - dA (mesh)

80

80

(g) and 13.58 corresponds to the specific mass of mercury
3
(g/cm ):
V=

m Hg - m s
13.58

(1)

The main results obtained from the cutting tests are
summarized in Table 3. The specific energy of cutting (SEC)
is defined as the ratio between the total amount of energy
provided by the AWJ machine and the removed volume of
rock (VR). The total amount of energy was calculated ac-
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cording to the procedure presented in Momber & Kovacevic (1999). The cutting rate (CR) is the ratio between the
volume of the kerf and the time elapsed during the cutting
process. Each result presented in Table 3 is the average of
results of 5 tests.

3. Results and Discussion
Figure 2 presents the relationship between the removed volume of rock and the traverse velocity. A general
trend of decrease of the removed volume of rock with the
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Table 3 - Results obtained from the AWJ cutting tests.
3

3

3

vT (mm/min)

P (MPa)

VR (cm )

CR (cm /min)

SEC (J/cm )

Syenite

100

400

17.04

11.36

144.09

Syenite

200

400

17.31

19.39

84.73

Syenite

300

400

8.27

16.54

99.00

Syenite

400

400

4.98

13.28

123.71

Syenite

200

100

2.40

3.20

101.87

Syenite

200

200

6.16

8.22

95.56

Syenite

200

300

9.38

12.50

100.73

Granite

100

400

15.29

10.19

160.63

Granite

200

400

18.30

17.77

92.15

Granite

300

400

7.69

15.39

106.79

Granite

400

400

5.17

13.78

118.81

Granite

200

100

2.49

3.32

98.65

Granite

200

200

4.29

5.71

137.43

Granite

200

300

8.05

10.73

115.45

Marble

100

400

29.36

19.57

83.77

Marble

200

400

28.78

37.56

43.60

Marble

300

400

18.09

36.20

45.27

Marble

400

400

8.57

22.85

71.93

Marble

200

100

3.21

4.28

74.70

Marble

200

200

9.89

13.19

59.68

Marble

200

300

18.33

24.44

50.60

Sandstone

100

400

29.62

19.75

82.91

Sandstone

200

400

33.24

39.34

43.60

Sandstone

300

400

15.07

30.14

54.33

Sandstone

400

400

9.41

25.08

65.78

Sandstone

200

100

4.01

5.35

59.86

Sandstone

200

200

10.87

14.49

54.30

Sandstone

200

300

18.22

24.29

50.97

Rock

increase of traverse velocity is observed, in spite of the results obtained for 100 mm/min. An optimum traverse velocity exists around 200 mm/min for the rocks studied. Low
values of removed volume are observed for traverse velocity of 100 mm/min. Lower velocities imply higher exposure
time of an area to the action of the AWJ. Thus, a larger loss
of energy is expected mainly due to damping effects regarding larger accumulation of water and abrasive material
inside the kerf, which reduces the impact of the AWJ. In
contrast, at higher velocities (300 and 400 mm/min) water
and abrasive material do not have time enough to accumulate inside the kerf, thus losses are smaller. However, as the
exposure time is too short, there is not enough time to remove a considerable amount of rock. In addition, since the
removed volume is larger at 100 mm/min than beyond
300 mm/min, it may be inferred that the exposure time
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plays a more important role in the removal of rock than the
damping effects. At higher traverse velocities, the range of
rock removal is small, while at lower traverse velocities the
removal of the less resistant rocks (i.e. the marble and sandstone) is more efficient.
Figure 3 presents the influence of the pump pressure
(P) on the removed rock volume. For the rocks studied, the
removed volume increases with the increase of pump pressure. A steeper gradient is observed for the marble and
sandstone, indicating a lower resistance of these rocks to removal due to the action of the AWJ. Curve fitting the data
points adopting second degree polynomial equations resulted in R2 higher than 0.99 (Eq. 2 to 5):
Syenite: VR = 2.6 ´ 10 -5 P 2 + 0.027P - 0.344

(2)

Granite: VR = 9.4 ´ 10 -5 P 2 - 0.012P + 2.975

(3)
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Figure 2 - Influence of traverse velocity on the removed volume
of rock.

the fact that these rocks are more resistant to AWJ removal
when compared to the marble and sandstone. Bortolussi et
al. (1988) observed that even with 34 MPa an AWJ is able
to cut granite samples up to 5 mm depth with machine parameters similar to those adopted in this study. Therefore,
more tests would have to be performed between 0 and
100 MPa in order to determine the threshold pressure with
certainty.
Figure 4 presents the influence of traverse velocity on
the specific energy of cutting (SEC), i.e. the total energy provided by the machine per removed volume of rock. In spite
of the results for a traverse velocity of 100 mm/min, the
specific energy of cutting increases linearly with the increase of the traverse velocity. This means that with traverse velocity of 200 mm/min the AWJ machine expends
less energy in kerf generation. Moreover, as already discussed, much energy is lost because of damping effects at
very low traverse velocities, which explains the large expenditure of energy when cutting rocks with 100 mm/min.
Figure 5 presents the relationship between the pump
pressure and the specific energy of cutting. The general
trend is the decrease of the specific energy of cutting with
the increase of pump pressure. The granite presented a different behavior with a specific energy peak at 200 mm/min,
which may be influenced by the variability of the rock. It is
interesting to notice that the range of specific energy values
is larger for the tests with varying traverse velocity in comparison to the tests with varying pump pressure. Eq. 6
through 9 are the results of polynomial curves fitting the
data from the rocks studied. R2 values were much better for
the marble and sandstone.
Syenite: SE C = -2.5 ´ 10 -4 P 2 + 0.093P + 87.441

(6)

R 2 = 0.91
Figure 3 - Influence of pump pressure on the removed volume of
rock.

Marble: VR = 7.9 ´ 10 -5 P 2 + 0.044P -1.983

(4)

. ´ 10 -4 P 2 + 0.032P - 0192
.
Sandstone: VR = 11

(5)

Momber & Kovacevic (1999) state that for brittle materials there is a threshold pressure under which the AWJ is
no longer able to remove material. Those authors estimate
this critical value by a linear fit of the erosion depth vs. the
applied pump pressure data regarding kerf depth. In contrast, Engin (2012) investigated the correlation between the
erosion depth and the applied pump pressure regarding
AWJ cutting of granites and a nonlinear correlation below
100 MPa was observed. In the case of the present study, it
seems that the relationship between the removed volume of
rock (VR) and the pump pressure is also not linear. A linear
extrapolation would suggest a lower threshold pressure for
the syenite and granite. However, this is not consistent with
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Granite: SE C = -1.7 ´ 10 -3 P 2 + 0.861P + 21.763

(7)

R 2 = 0.61

Figure 4 - Influence of traverse velocity on the specific energy of
cutting.

259

Arab & Celestino

Figure 5 - Influence of pump pressure on the specific energy of
cutting.

Marble: SE C = 1.7 ´ 10 -4 P 2 - 0186
. P + 91.411

(8)

R 2 = 0.99
Sandstone: SE C = -1.4 ´ 10 -4 P 2 + 0.009P + 59.898

(9)

R 2 = 0.97
Figure 6 shows the relationship between the cutting
rate and the traverse velocity. In spite of the results for
100 mm/min, the cutting rate decreases with the increase of
the traverse velocity. Again, the traverse velocity of
200 mm/min is the optimum condition for cutting with the
highest cutting rates. At 100 mm/min the rock removal is
complicated by the large amount of water and abrasive material inside the kerf, damping the impact and useful power
of the AWJ.
Figure 7 presents the relationship between the cutting
rate and the pump pressure. The cutting rate increases with
the increase of the pump pressure. As observed in other re-

Figure 7 - Influence of pump pressure on the cutting rate.

lationships, a steeper gradient is observed for the marble
and sandstone because of their lower resistance to rock removal. Eq. 10 through 13 describe the fitted curves for this
relationship.
Atici & Ersoy (2009) state that a good indication of
the cutting performance can be assessed by analyzing the
relationship between the specific energy of cutting and the
cutting rate. When the lowest specific energy is associated
to the highest cutting rate, then the most efficient condition
is achieved. Also, the specific energy of cutting is directly
related to the costs of production/cutting. In the case of this
study, the most efficient condition is observed when cutting
rocks with a traverse velocity of 200 mm/min and a pump
pressure of 400 MPa. In this condition, the removed volume of rock is also larger for all rocks studied.
Syenite: CR = 2.3 ´ 10 -5 P 2 + 0.0407P - 0.9149
R 2 = 0.99
. ´ 10 -4 P 2 - 0.019P + 4.2271
Granite: CR = 13
R 2 = 0.99
Marble: CR = 1.03 ´ 10 -4 P 2 + 0.0593P - 2.6807
R 2 = 0.99
Sandstone: CR = 1.4 ´ 10 -4 P 2 + 0.0422P - 0.2565
R 2 = 0.99

Figure 6 - Influence of traverse velocity on the cutting rate.
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(10)

(11)

(12)

(13)

The marble and the sandstone presented similar behavior regarding the response to the AWJ cutting and the
same can be stated for the syenite and the granite. The marble is easily cut by the AWJ due to two main reasons: primarily it is practically a monomineralic rock composed by
calcite, a mineral which presents three perfect cleavage directions. Thus, the abrupt impact of the AWJ on the surface
of this rock leads to the generation of a dense network of
cracks through its cleavage planes, easily disaggregating it.
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Secondly, since much of the rock is removed by erosion,
the process is facilitated because calcite hardness is 3 according to the Mohs scale. In the case of the sandstone, a
different situation occurs. Although it is a sedimentary
rock, its tensile and uniaxial compressive strength are very
high due to its silica cement and the lack of weak structures
like cleavage. However, when subjected to high impact like
during AWJ cutting, fast propagation of cracks occurs due
to its high brittleness (high UCS strength, but low rigidity),
easily generating kerfs.
Finally, both syenite and granite present similar properties and both are igneous rocks. Their lower cutting rate
and higher AWJ specific energy, in comparison to the other
rocks studied, are a result of their higher strength and rigidity. These rocks have a main difference regarding their
strength: while the granite presents quartz, the syenite has
an imbricated structure. Both features increase strength and
may compensate for weaker features like the presence of
phenocrysts in the granite and the lack of quartz in the
syenite.

4. Conclusions
The effects of traverse velocity and pump pressure on
cutting parameters related to cutting efficiency were investigated for different types of rocks. The condition with
which the best cutting efficiency is achieved is cutting with
a traverse velocity of 200 mm/min and a pump pressure of
400 MPa. The removed volume of rock and the cutting rate
both decrease from 200 mm/min to 400 mm/min and also to
100 mm/min, thus an optimum traverse velocity exists
around 200 mm/min. The opposite trend is observed for the
specific energy of cutting. Both the removed rock volume
and the cutting rate increase with the increase of pump pressure and, in general, the opposite trend is observed for the
specific energy of cutting. The mineralogical composition
of the rocks and their physical-mechanical behavior play a
major role on how the studied rocks are disaggregated in order to generate kerfs. It was found that the marble and sandstone present a lower and similar resistance to AWJ cutting
and the syenite and granite present a higher and similar resistance to AWJ cutting.
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Rainfall Effects on Pore Pressure Changes in a Coastal Slope
of the Serra do Mar in Santa Catarina
A.A.M. González, L.B. Passini, A.C.M. Kormann
Abstract. This research aims to describe how rainfall can cause changes in the piezometric pore pressure and soil matric
suction in a densely instrumented slope by the South BR-101 (Brazilian Numbered Highway), in the area of Morro do Boi,
in the State of Santa Catarina, South Region of Brazil. The slope presented a history of instability movements instigated by
intense rainfall, with debris accumulation on the highway and traffic interruption. The analyzed data are measured by six
vibrating wire piezometers and eight electrical tensiometers attached to a datalogger, two conventional slope inclinometers
and a rain gauge with an internal datalogger. A total of 2,552 readings corresponding to the vibrating wires and electrical
resistance instruments, 29 inclinometers records and 7,143 rainfall records were collected over the first ten months of slope
monitoring. The analysis results demonstrated that during the monitoring period there were no heavy rains. Three
monitoring periods were identified by the frequency and intensity of rainfalls. The soil pore pressure monitoring
instruments showed significant variations in the high frequency period and low intensity rainfall, and little variation in low
frequency period and high intensity rainfall, which demonstrates greater runoff and little infiltration during the occurrence
of more significant rainfall.
Keywords: field instrumentation, geotechnical monitoring, natural slope, pore pressure, rainfall.

1. Introduction
The Serra do Mar is a mountain range which constitutes the most prominent orographic feature of the Atlantic
edge of the South American continent, with approximately
1,000 km length, extending from the state of Rio de Janeiro
to the state of Santa Catarina (Almeida & Carneiro, 1998).
In these accentuated-relief regions, there are important Brazilian highways which are exposed to risks associated with
mass movements, a consequence of the natural and
anthropic conditioning (Montoya, 2013).
Although literature indicates that mass movements
can be a result of many different factors, such as climatological and hydrological processes, geological characteristics, topography, vegetation, anthropogenic actions (garbage deposits, deforestation, changes in drainage or poor
surface and deep drainage, cutting and embankment with
expressive angles, overloading, design and change the
route of highway) or of all these factors combined (Fernandes et al., 2001; Rahardjo et al., 2008; Zuquette et al., 2013;
Carvalho et al., 2015), the role of rain in the events that
cause slope instability is widely known (Brand, 1984;
Brand et al., 1984; Lim et al., 1996; Rahardjo et al., 2001;
Chen & Lee, 2004; Rahardjo et al., 2008; Zuquette et al.,
2013).

Significant rainfall can promote such mass movements (Chen & Lee, 2004; Kormann et al., 2011; Gerscovich et al., 2011; Sestrem & Kormann, 2013, Montoya,
2013; Zuquette et al., 2013; Sestrem et al., 2015; Kormann
et al., 2016), which frequently have been responsible for
major human and economic losses (Bandeira & Coutinho,
2015), and also for damage to the highway network infrastructure.
The effects of rainfall on slope stability are a theme of
interest as parameters and warning systems can be generated from rainfall data to prevent human and material losses
(Montoya, 2013; Bandeira & Coutinho, 2015). The infiltration of rainfall into the ground develops positive pore pressures by raising the water table and reducing suction levels
(Chen & Lee, 2004; Rahardjo et al., 2001, 2008, 2016;
Gerscovich et al., 2011; Advincula, 2016), and also generates a preferential flow through the fractures of the bedrock.
Therefore, the infiltration resulting from rainfall and the
subsequent variations in pore pressure determine the safety
level of a slope (Gerscovich et al., 2011; Montoya, 2013;
Carvalho et al., 2015).
This article aims to describe, analyze and discuss
monitoring data from a research study on a highway slope,
with a history of mass movements prompted by significant
rainfalls, during the period from May/2012 to March/2013
(González, 2013).
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2. Materials and Methods
2.1. Description of the study area
The slope, herein described as the object of study, is
located on the BR-101 southern lane, between km
140+700 m and km 140+950 m, being delimited by the coordinates S 27°01’30” and S 27°02’30”, W 48°35’30” and
W 48°36’30”, close to the cities of Camboriú and Itapema,
in the state of Santa Catarina (SC), Brazil (Fig. 1), on the
geomorphological feature known as Morro do Boi (Sestrem, 2012; González, 2013).
According to Sestrem (2012), the slope had a history
of instability characterized by movement and the consequent accumulation of debris on the highway and traffic
disruption. An occurrence of mass movement – with the
breakdown of this rocky slope and the removal of the soil
top layer, causing soil and rock blocks to fall down on the
highway lane – was recorded during the rainfall that occurred between November 20th and 24th, 2008. Besides this
slope, several other highway points had ruptures in slopes
resulting from the intense rainfall, which took place in the
state of Santa Catarina during this period (CIRAM, 2016).
These rainfalls fell on areas such as the Greater Florianópolis, Vale do Itajaí and North Coast of the state of Santa
Catarina (Zuquette et al., 2013). Regions such as Blumenau
and Joinville experienced around 1000 mm of rain in that
month. The region of Vale do Itajaí has been subject to a total rainfall of approximately 600 mm between November
21st and 24th, 2008, according to CIRAM (2016).
The slope under study was stabilized (with nails, metallic mesh and a cap beam of root piles), in order to minimize future inconvenience to road users, after the catastrophic event of 2008. The need to better understand the
mechanisms that may trigger accidents motivated the investigation and instrumentation of the slope (Fig. 2) to

Figure 2 - Stabilized slope and installation of geotechnical monitoring (Sestrem, 2012).

monitor the stabilization solution adopted (Kormann et al.,
2016).
2.2. Lithological and geological aspects
The study area is characterized by the presence of two
main lithological types: Morro do Boi’s Migmatites and
Nova Trento’s Intrusive Suite granites. The suite is represented by an intrusive body in Morro do Boi’s Migmatites,
aligned in the NE-SW direction (CPRM, 2014).
According to CPRM (2014), the Morro do Boi’s
Migmatites extends in the northeast - southwest (NE-SW)
direction, in a strip ranging in width from 1.0 to 1.5 km and
to the south and east of the city of Camboriú. Its structure is
mainly stromatic, often folded, where dark gray metabasic
rock xenoliths are common, ranging from homogeneous
bodies of massive aspect to finely banded.

Figure 1 - Location of the study area.
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A major fracture system occurs in the body of Morro
do Boi’s Migmatites generated by NE-SW and NW-SE direction shearing and by sub-horizontal fractures, having as
main effect the subdivision of the massif in blocks, which
reduces its mechanical resistance. Additionally, due to the
continuity and interconnection of fractures, the water easily
flows within the massif. In complement to these conditions,
there is a layer of silty sand soil on the slope.
2.3. Geotechnical characterization
The soil ranges from mature residual to young in
depth, in areas of the slope which were not transported.
However, in part of the monitored area, the top soil was
identified as colluvial. Through field tests performed on the
slope, including three holes of SPT (Standard Penetration
Test) and five SM (Standard Penetration Test and rotary
drilling), it was observed a superficial layer of silty sand
soil with a thickness of around 3.0 m, complemented in
some regions by the presence of blocks of rock. There is
also a highly weathered layer of rock with a thickness of
about 3.0 m over a layer of moderately weathered rock
found at 6.0 m depth and with a thickness of around 3.0 m,
which overlies the Migmatite, found from approximately
9.0 m depth. The depths of the field investigations were approximately of 12.38 m for the SM-01, 13.00 m for SM-02,
8.20 m for SM-03, 9.25 m for SM-04 and 10.70 m for
SM-05.
The colluvium superficial soil presented NSPT from
approximately 9 to 40 blows, increasing in depth along the
drilling hole, characteristics of a medium compact to com-

pact material. Below that layer, refusal was achieved, being
false results due to the presence of rock blocks at some
points. Through the SM field investigations, high percentages of RQD (Rock Quality Designation) were obtained
from the samples with continuous recovery, characterizing
an excellent quality of the rocky massif (RQD of 90% to
100%). As for the moderately weathered rock layer, the
mean RQD values obtained were 60%, of reasonable quality.
During the geotechnical surveys it was also possible
to observe the water level position, which was equal to
5.35 m for SM-01, 6.12 m for SM-02, 3.50 m for SM-03,
4.60 for SM-04 and 4.60 m for SM-05. Based on such water
level depths, the quotas for the installation of pore pressure
monitoring instruments were determined, specifically with
respect to the deepest piezometers. A geological-geotechnical profile of the slope, which resulted from the compilation of the geotechnical investigation carried out in it, is
presented in Fig. 3, including geotechnical monitoring instrumentation, such as inclinometers (INCL), piezometers
(PIEZ) and tensiometers (TENS).
According to Massad (2003), in regions of humid
tropical climate, the lithotypes which correspond to gneiss
metamorphic rocks or with banded appearance give rise to
predominantly silty and micaceous soil. For this purpose,
soil characterization procedures were carried out to confirm
that the weathered Migmatites found in the region result in
this type of soil.
To evaluate and characterize the superficial soil properties in the monitored area of the slope, laboratory tests

Figure 3 - Sketch of the geological and geotechnical slope profile with instrumentation (WL = water level).
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were carried out on four deformed samples collected from
non-deformed blocks, in the top slope layer (Lazarim,
2012). Among the performed tests are: soil density – employing the procedure described by DNER-ME Standard
093 (1994) –, Atterberg limits – following the procedures
described in the standards NBR 6459 (liquid limit) and
NBR 7180 (plastic limit) (ABNT, 2016 b,c) – and particle
size analysis of the material – according to the procedure
described in NBR 7181 (ABNT, 2016 a).
The laboratory tests classified the top soil as silty
sand, with particle density of approximately 2.66 g/cm3,
average liquid limit of 32%, average plastic limit of 27%
and average plasticity index of 5% (Table 1). With respect
to particle size analysis (Fig. 4), the average percentages
obtained were 4% clay, 27% silt, 61% sand and 8% gravel
(Table 2). Direct shear strength tests for samples of colluvium soil collected at depths of 0.25 m to 1.27 m, presented mean friction angle of 34° and mean cohesive
intercept of 2 kPa. The average specific natural weight for
this material was equal to 16.20 kN/m3 (Lazarim, 2012;
Gonzalez, 2013). In addition, in situ permeability tests
were executed at the colluvium surface soil, with values
ranging between 4.47 x 10-7 and 1.71 x 10-6 m/s, in agreement with the granulometric analysis, according to Pretto
(2014).
2.4. Geotechnical instrumentation
According to Kormann et al. (2016), the equipments
selected were based mainly on their applications and history of use in the academic scientific environment and the
geotechnical practice of slope monitoring (Dunnicliff,
Table 1 - Atterberg limits and particle density.
Sample ID

Atterberg Limits

Particle density
3
(g/cm )

LL (%)

LP (%)

IP (%)

01

32.2

26.6

5.6

2.61

02

35.3

28.7

6.6

2.63

03

28.4

25.3

3.1

2.69

04

31.8

26.9

4.9

2.70

Average

31.9

26.9

5.1

2.66

Figure 4 - Grain-size distribution.

1988; Silveira, 2006; Dixon and Spriggs, 2007; Eberhardt,
2008), being: inclinometers, piezometers, tensiometers and
rain gauge (Lim et al., 1996; Li et al., 2005; Marinho, 2005;
Cerqueira, 2006; Zhan et al., 2007; Bonzanigo et al., 2007;
Simeoni & Mongiovì, 2007; Leung et al., 2011; Tommasi
et al., 2013, Bicalho et al., 2015).
The slope geotechnical instrumentation aimed to observe the parameter changes such as positive pore pressure
and matric suction, in order to check the oscillations of the
water table and piezometric level, as well as the occurrence
of negative pressure at the top soil. Therefore, six (06) vibrating wire piezometers were installed and eight (08) electrical resistance tensiometers were distributed in islands
(Sestrem, 2012) or groups (Sestrem et al., 2015) connected
to a datalogger for storing the resulting data. Additionally,
two casings with inclinometers were installed to monitor
possible horizontal movements of the soil mass as a result
of the changes in the above parameters. A rain gauge was
also installed to register the intensity of local rainfall and
thus relate the monitored parameter variations with the recorded rainfall. A sketch of the instruments installed in the
slope is presented in Fig. 5, showing the three islands and
including topographic values.

Table 2 - Grain-size analyses.
Sample ID

Particle size distribution
Clay (< 0.002 mm)

Silt (0.002-0.06 mm)

Sand (0.06-2.0 mm)

Gravel (2.0-60 mm)

01

7.0

25.0

59.3

8.7

02

0.0

30.0

69.7

0.3

03

8.0

22.0

57.4

12.6

04

2.0

31.0

55.3

11.7

Average

4.3

27.0

60.4

8.3
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The stages of installation of the piezometers began
with the hole drilling. Then, the piezometer was positioned
at the reading depth of interest. A bulb of sand (coarse and
washed) with a height of 1.00 m was added to then remove
the survey coating. Then, a seal with bentonite of 0.50 m
thickness was realized, aiming to waterproof the region of
the readings. Finally, the hole was filled to the surface. The
cable was initially connected to a mobile reader unit for determination of preliminary readings. After that, all the cables were connected to multiplexers, these being finally
connected to the datalogger, thus finalizing the automation
of the readings.
2.4.2. Tensiometers

Figure 5 - Sketch of the instruments installed in the slope.

2.4.1. Piezometers
The piezometers are installed in two islands consisting of three instruments each; the upper island (Group 1)
with depths of 8.60 m (PZE-04), 7.20 m (PZE-05) and
3.70 m (PZE-06) and the intermediate island (Group 2)
with depths of 8.65 m (PZE-01), 6.40 m (PZE-02) and
3.90 m (PZE-03). It is important to note that these instruments were placed at an equivalent depth between the islands, with the deepest ones installed in the interface of
rock and weathered rock layer, and the most superficial
ones in the highly weathered rock layer.
For the determination of positive pore pressures, vibrating wire standard piezometers were used (Fig. 6a).
Among the sensors available, it was selected the Geokon
model 4500S (reading capacity ranging from -100 kPa to
350 kPa). These sensors present readings as frequency, the
square of the vibration frequency being proportional to the
pressure applied to the steel diaphragm (membrane), according to GEOKON (2012).
Prior to installation, a saturation procedure was necessary to prevent the presence of air bubbles inside the instrument. This procedure initially consisted of removing
the porous tip and subjecting it to boiling. Then it was transferred to a larger vessel without the contact with the water
being lost, so that it was repositioned in the body of the
piezometer. The sensor was then stored and sealed. As a result, each instrument was read zero with the tip positioned
at the bottom of the bottle with water.

Soils and Rocks, São Paulo, 40(3): 263-278, September-December, 2017.

As for tensiometers, they were distributed into three
islands, all in colluvial soil; at the upper island (Group 1)
with depths of 1.00 m (TENS-07) and 2.00 m (TENS-08),
in the intermediate island (Group 2) with depths of 0.50 m
(TENS-03), 1.00 m (TENS-05), 2.00 m (TENS-06) and
3.00 m (TENS-04), and in the lower island (Group 3) with
depths of 1.00 m (TENS-01) and 2.00 m (TENS-02). Installation depths of piezometers and tensiometers followed the
water level found at the geotechnical surveys, in order to
obtain records of the increases and decreases of the positive
and negative pore pressure values, as well as the advancing
wetting front through the soil.
For the determination of negative pore pressures,
conventional tensiometers were used, model model 2725A
from Soil Moisture (Fig. 6b), composed by the following
components: porous ceramic cup, plastic tube body and a
vacuum meter. Measurement of the negative pressure (vacuum) was automated by means of a transducer coupled to
the tensiometer. The instrument reading capacity ranged
from 0 kPa to - 100 kPa.
Prior to installation, the tensiometers were prepared
and assembled in laboratory where initially the porous
stones were submitted to a saturation procedure. To this
end, they were immersed in a container containing water
and subjected to the removal of air in a desiccator with silica and vacuum pump. In parallel to this, the inside of the
tensiometer tube was washed with water and detergent.
This procedure aimed to remove particles and possible fat
spots that might favor the formation of air bubbles and,
therefore, alter the suction values read. After saturation of
the porous stone tips and cleaning of the interior of the
tensiometer tubes, they were fitted according to the desired
lengths. All the connection threads between the tube extensions were installed with o-rings to ensure complete sealing
of the tensiometer, preventing the entry of air and the formation of bubbles, avoiding the phenomenon of cavitation
(expansion of air bubbles), according to Soil Moisture
(2011).
After being assembled, the tubes were subjected to a
suction process, with the ceramic tip being immersed in a
vessel with boiled water and the other end connected to a
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Figure 6 - Instrumentation: (a) vibrating wire standard piezometers, (b) conventional tensiometers and (c) conventional inclinometer
tubes (Sestrem, 2012).

pump. This procedure allowed the removal of as much
trapped air as possible in the wells (Jones et al., 1981 apud
Marinho, 2005).
Once the tubes were completely filled by water, they
were connected to the reservoirs, which were also filled
with boiled water. Then the upper end of the reservoir was
pressed so as to inject water into the tube to fill it completely and eliminate any remaining bubbles. Once assembled and tested, they were prepared for transportation to the
field. In order to avoid the loss of saturation of the porous
stones, in addition to possible leaks, they were immersed in
water and protected with a plastic bag, according to the recommendations provided by the manufacturer.
For field installation, it was applied a hand drill. Prior
to the positioning of the instrument in the drilling, its tip
was placed in contact with a mixture of water and previously sieved local soil (#40). This mixture was also used to
fill the hole, ensuring the system sealing and avoiding infiltrations into the tensiometer.
It was also necessary to verify the calibration of the
analog tensiometer, an accessory supplied by the manufacturer hermetically sealed at sea level. When installed at a
higher elevation, as in the case of the present work, the
pointer on the gauge display may have a reading other than
zero, resulting from a lower atmospheric pressure.
Finally, the portion of the tensiometers positioned
above the soil surface was protected with a 100 mm diameter PVC tube filled with soil from the site, trying to avoid
possible problems, such as accidental impacts and bending
of the tensiometer tube. In addition, all tensiometers received additional concrete-based protection and an external
metal shield of 300 mm diameter.
2.4.3. Inclinometers
For the monitoring of horizontal displacements in the
slope, two conventional inclinometer tubes were installed
(Fig. 6c), anchored in Migmatites, at a depth of 12.38 m
(INCL-01) and 13.00 m (INCL-02), placed in the middle
and upper islands, respectively. They were installed into
the drilling holes of SM-01 and SM-02, respectively.
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The installation sequence of each inclinometer started
with placing the access tube in a hole with a diameter of
100 mm, with the respective depth of INCL-01 and INCL02. An aluminum tube with a diameter of 80 mm and four
diametrically opposed slots was used to guide the instrument (torpedo) during the readings. The tube was inserted
in the hole, maintaining the alignment of the grooves according to the main axes of displacements of the slope, that
is, a plane perpendicular and another parallel to the highway. After complete installation of the pipe/tube, the space
between it and the walls of the bore was filled with cement
grout and bentonite (1:10) upwardly through the injection
hose. Finally, a protective box with padlock was installed at
the surface, and a concrete base was also executed, in order
to prevent any damage caused by work operations and vandalism.
2.4.4. Rain gauge
The rain gauge installed (Fig. 7) with tipper buckets
was model TB4/0.2 from Hydrological Services, whose
readings are obtained by a datalogger model ML1-FL. This
system has a maximum reading intensity of 700 mm/h and a
resolution of 0.2 mm, being able to record in its memory the
date and time of the occurrence of rain, with a storage capacity of up to 100 thousand events with a resolution of
1 second, according to Hydrological Services (2011).
The chosen pluviograph has its operation based on a
tipping system. Whereby, a metal bucket of 200 ± 0.3 mm
in diameter accumulates the precipitations and, when its capacity is reached (0.20 mm) tipping occurs. At this point,
the data collector system records the date and time of this
occurrence. Between the bucket and the measuring system,
there is also a metal screen with the purpose of preventing
the passage of objects that could obstruct the system
(leaves, branches). The data collector has a reading capacity for rains with intensities between 0 and 500 mm/h
(lower than that of the datalogger), temperature range from
-20 to +70 °C, and accuracy of ± 2% for intensities between
25 and 300 mm/h ± 3% for intensities between 300 and
500 mm/h, according to Hydrological Services (2011).
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Figure 7 - Instrumentation: rain gauge installed.

The definition of the position of the pluviograph considered that it should guarantee a representative reading of
the pluviometric indices at the site. It was positioned as
close to ground level as possible, avoiding sloping terrain.
In addition, there was the need to position it in an area protected from strong winds and obstacles. Another problem
that could occur was the absorption of rainwater from the
soil around the sensor. Thus, to avoid such interference, it
was decided to install the instrument at a distance of approximately 1.20 m from the ground. It was chosen to position it within the stabilized area. It should be emphasized
that care with vegetation that grows in this location should
be taken, thus not only serving the pluviometer, but also
making it possible to read the inclinometer installed in the
same local area (INC-01).
The installation began by driving a vertical nail at the
chosen location (of the same model used for the stabilization solution) so that its tip was approximately 40 cm above
the surface. A circular base was then positioned on such
bar, leaving it centered in concrete. Finally, the pluviograph
was installed on three screws that allowed leveling, by
means of the adjustment of the nuts guided by the bubble
level contained in the equipment. After the pluviograph
was installed, a test operation was performed in which the
hopper tip was initially pressed a few times to check if each
movement was being logged, and whether the tilt mechanism was operating freely. According to Hydrological Services (2012), the instrument is factory calibrated and the
only maintenance procedure required is cleaning, whereby
the following items must be checked: trap filter, siphon,
bucket interior, upper surface of set screws, fastening
screws (which must be lubricated after cleaning) and
screens against insects.
2.5. Instrumentation data
The slope instrumentation data collected during the
st
first ten months of monitoring – from May 1 , 2012 until
st
March 1 , 2013 – were compiled and analyzed. The automatic data collection from the piezometers and tensiometers provided readings every hour and, later, these
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readings were grouped so that the results were converted
into daily average values. The readings of the tipping
bucket rain gauge (PLUV-01), located in the intermediate
island, were registered every time it reached 0.20 mm of
rain, and the data was stored in an independent datalogger.
During the monitoring period, 7143 rain gauge readings, 2552 readings from piezometers and tensiometers and
29 total readings from both inclinometers were collected.
The obtained data were classified as continuous time
series data, which can be interpreted with specific technical
statistics. This classification was based on the characteristics of the obtained data, which showed a sequence at regular time intervals during a specific period (Latorre & Cardoso, 2001).
The data interpretation was based on several graphical representations of the time series to determine an ascending or descending trend, the influence of time – stationarity – and any discordant observations – outliers –
(Gonzalez, 2013).
The time series were compared with the rain events,
for example, to establish a relation between the positive and
negative variation of pore pressure parameters and the rainfall events that occurred in the analysis location. It is important to observe that for the analysis of time series, the first
step is to model the phenomenon to be studied for describing its behavior and thus evaluate which factors influenced
its variations and behavior (Latorre & Cardoso, 2001).
For the definition of rain intensity, the classification
system by CIRAM (2016) was considered, whereby the
intervals for accumulated rainfall per hour (mm/h) were
classified and defined, in a general manner. In this classification, the authors considered: drizzle rain (CmFra) for rainfalls between 0.25 mm/h and 1.00 mm/h; light rain (CFra) for
rainfalls between 1.00 mm/h and 4.00 mm/h; moderate rain
(CMod) for rainfalls between 4.00 mm/h and 16.00 mm/h;
heavy rain (CFo) for rainfalls between 16.00 mm/h and
50.00 mm/h, and violent rain (CmFO) for rainfalls equal to or
greater than 50.00 mm/h.
With respect to the classification of accumulated
daily rainfall (mm/day), intervals were determined based
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Table 3 - Daily rainfall determined by means of the quantile technique.
Classification per day

Daily accumulated rainfall (P,
mm/day)

Dry day (DS)

P < 0.20

Drizzle (CmFra)

0.20 < P < 0.60

Light Rain (CFra)

0.60 < P < 3.20

Moderate Rain (CMod)

3.20 < P < 13.00

Heavy Rain (CFo)

13.00 < P < 45.60

Violent Rain (CmFo)

P > 45.60

on the definition of quantiles, evaluating the history of rainfall by the probability of occurrence (Xavier & Xavier,
1987; Leite et al., 2011; Souza et al., 2012). The analysis
was performed with an updated database of the rain gauge
installed in the study area, as shown in Table 3.

3. Results and Discussion
The time series resulting from the monitoring of geotechnical instrumentation were analyzed initially considering the independent variable (rain) and the relationship of
this parameter with the variations in positive pore pressure
and suction values, according to Lim et al. (1996) e Rahardjo et al. (2008).
3.1. Rainfall events
Through the data series, three different rain periods
were observed, delimited by the intensity and magnitude of
the events. The first period – between the months of May
and July, 2012 – was characterized by magnitudes of
196.60 mm, 203.40 mm and 260.00 mm, although with
moderate intensities – around 19.40 mm/h, 11.60 mm/h and
14.60 mm/h. It means that rainfall events resulted in prolonged rain over the days, with the most significant ones
classified as moderate and heavy rain, according to the classification of CIRAM (2016).
In the second period – between August and November, 2012 – the accumulated rainfalls per month had a lower
magnitude, with 49.20 mm for August and 61.80 mm for
September, with peaks of 4.00 mm/h and 11.60 mm/h, respectively. These events were considered moderate rain-

falls, according to CIRAM (2016). It was observed that October had an outstanding record, in which isolated rains of
great intensity and magnitude reached 174.20 mm accumulated rainfall with a peak of 13.40 mm/h. In this month, two
significant events were recorded – which influenced the instrumentation readings behavior, hence an increase in the
month-accumulated value: they occurred on October 11th,
nd
with an 80.60 mm accumulated rainfall, and on the 22 ,
with 40.40 mm accumulated.
It is important to highlight that – due to failure in the
instrument between November 8th and December 12th, 2012
– November recorded only 0.40 mm, hence November to
the beginning of December were without valid records.
In the third period – between the months of December, 2012 and February, 2013 – the rains had great magnitude with intensity that reached 112.00 mm in 14 days of
rainfall recorded for December and with a peak of
29.60 mm/h. For January the record was 109.60 mm in
17 days of rainfall and a peak of 38.00 mm/h. For February
the record was 216.60 mm in 22 days, reaching a volume
peak of 38.00 mm/h. The precipitation related to these three
months was characterized as heavy rainfall, according to
CIRAM (2016).
In order to observe in detail the magnitude and behavior of rainfall, without generalizing the monthly accumulated values, it is shown in Fig. 8 the rain distribution
throughout the monitoring period based on daily rainfall
values. Furthermore, it is presented the water level readings
at the slope during the same period of time, where the records were made once a month manually. It can be observed water level variation ranging from 6.98 m to 9.80 m
in INCL-01 and 9.05 m to 9.97 m in INCL-02. Unexpectedly, water level depths were deeper than the values determined during the geotechnical survey, as equal to 5.35 m
for SM-01 (INCL-01) and 6.12 m for SM-02 (INCL-02).
In this study, 263 out of 304 days had records during
the monitoring period. These rainfall events were classified
according to the quantiles technique (Xavier & Xavier,
1987; Leite et al., 2011; Souza et al., 2012), with the results
shown in Table 4.
It is possible to observe that 44.11% of the rainfall
events were classified under the category Dry Day (DS) and

Table 4 - Results of the classification of rainfall events during the monitoring period according to the quantile technique.
Classification

Daily accumulated rainfall (P, mm/day)

Events (days)

Events (%)

P < 0.20

116

44.11

CmFra

0.20 < P < 0.60

38

14.45

CFra

0.60 < P < 3.20

44

16.73

CMod

3.20 < P < 13.00

33

12.55

CFo

13.00 < P < 45.60

24

9.13

CmFo

P > 45.60

8

3.04

DS
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Figure 8 - Daily rainfall accumulation and water level monitoring at the study site.

the others from Drizzle (CmFra) to Strongest Rain (CmFo),
ranging from 3.04% to 16.73%.
Surface runoff basically occurs when the rainfall intensity overcomes the infiltration capacity. Under this concept, evaporation and evapotranspiration during the rain are
negligible. Considering the in situ permeability test, with
-7
-6
values between 4.47 x 10 and 1.71 x 10 m/s for the surface soil layer, it is possible to establish the equivalence to
1.61 mm/h to 6.16 mm/h of rainfall intensity. In this range
and by the rainfall classification made by CIRAM (2016),
moderated rainfall will have surface runoff.

3.2. Piezometers
As for piezometers installed at the intermediate island, it was observed a behavior of significant variations
during the first (May to July) and second (August to November) monitoring periods, until the readings stabilization
in the third period (December to February) as shown in
Fig. 9. On the other hand, the piezometers installed at the
upper island did not show significant variations in readings
behavior, as shown in Fig. 10. The daily accumulated rainfall and the total accumulated rainfall during the monitoring period can be observed and compared with the piezo-

Figure 9 - Readings of piezometers installed at the intermediate island.
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Figure 10 - Readings of piezometer installed at the upper island.

meter records (Figs. 9 and 10). In general, the piezometer
presented good agreement with the daily accumulated rainfall, showing an increase in positive pore pressure as the
rainfall occurs and a decrease during the period with less
rain.
The instruments placed at greater depths showed the
greatest pore pressure variations, with peaks up to 7.00 kPa,
minimum reading equal to -3.80 kPa and an average reading of 0.17 kPa for the piezometer PZE-01 (installed at a
depth of 8.65 m), as can be observed in Fig. 9. The maximum reading was equal to 2.90 kPa for the piezometer
PZE-04 (installed at a depth of 8.60 m), while the minimum
reading was equal to -3.10 kPa with an average reading of
-0.53 kPa, as can be observed in Fig. 10. These high rise behaviors were justified by the water table level increase during continuous rainfall periods which occurred from July
15th to 31st, 2012. As the water level depth recordings were
deeper than the values determined during the geotechnical
survey, the deeper instruments were reading intentionally
the capillary fringe. Furthermore, these instruments could
capture an eventual elevation of the water table following
the occurrence of a very intense rainfall as happened in
2008.
The piezometers installed at an intermediate depth,
such as PZE-02 (6.40 m) and PZE-05 (7.20 m), as well as
the most superficial ones, PZE-03 (3.90 m) and PZE-06
(3.70 m), presented lower readings variation. The records
of such instruments varied around zero, even though they
were located in sites with different slopes and elevations,
demonstrating that the wetting front was parallel to the
slope and that the instruments were located above the water
level. Conversely, the values corresponding to PZE-02 pre-
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sented reduced reading intervals, characterizing abnormal
behavior (Fig. 9).
3.3. Tensiometers
The tensiometers showed a variation trend similar for
them all during the first monitoring period (May to July)
until the beginning of August, with values between 0 to
10 kPa. After the initial phase, it was observed a change in
the data provided by the instrument closer to the surface.
More specifically, there was an increase in the suction values for the TENS-03, located at a 0.50 m depth at the intermediate island, with minimum and maximum readings
equal to 3.20 kPa and 77.97 kPa, respectively (Fig. 11). As
the slope conditions changed over time due to the vegetation growth, the instrument installed closer to the surface
became more susceptible to reading changes after rain
events, which reflected on the quick variation on the suction records, as can be noticed by the difference between
slope vegetation covering in April 2012 and March 2013
from Fig. 12.
The most significant rainfall event for the decrease of
suction in the TENS-03 (0.50 m depth) was February 7th to
th
11 , 2013. In this period, the suction measured decreased
66.6 kPa in five days and the previously daily accumulated
th
rainfall associated was 66.80 mm (February 8 ). Like this
episode, there were two significant decreases of suction in
th
th
this instrument. In January 2013, between 4 and 14 , there
was a decrease of 42.72 kPa in eleven days with an associth
ated daily accumulated rainfall of 52 mm (January 6 ). The
th
th
last event occurred, from October 11 to 14 , 2012, in
which the suction measured decreased 39.2 kPa in four
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Figure 11 - Readings of tensiometers installed at the intermediate island.

Figure 12 - Slope vegetation covering in (a) April 2012 and (b) March 2013.

days with previously daily accumulated rainfall of
th
80.60 mm (October 11 ).
The other tensiometers also installed at the intermediate island (Fig. 11) had records with small ranges between
minimum and maximum values, yet with higher variations
starting from November, 2012. The minimum and maximum readings of the tensiometer installed at the greatest
depth, TENS-04 (3.00 m), were 0.12 kPa and 16.66 kPa, respectively, with an average of 6.32 kPa, from May, 2012 to
March, 2013. TENS-05 (1.00 m) had minimum and maximum readings of 1.09 kPa and 21.13 kPa, respectively, and
an average reading of 7.38 kPa. TENS-06 (2.00 m) recorded a minimum reading of 0.17 kPa, a maximum of
24.84 kPa and an average of 6.78 kPa.
The reading variations of the instruments can be interpreted according to their location on the slope, that is, their
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positioning in the islands. For example: TENS-01 (1.00 m)
and TENS-02 (2.00 m), installed at the lower island
(Fig. 13), starting the reading variations in December, 2012
– month with intense yet disperse rainfalls. TENS-01
showed increases in the suction levels going from minimum readings of 4.04 kPa to maximum readings of
79.46 kPa with an average of 53.15 kPa. TENS-02 presented minimum readings of 9.77 kPa to a maximum reading of 68.84 kPa and an average of 38.70 kPa. These
measurements were associated with their location on the
steeper portion of the slope, which is more exposed to sunlight.
On the other hand, at the upper island (Fig. 14), the
TENS-07 (1.00 m) and TENS-08 (2.00 m) presented low
and constant suction values, ranging from 3.36 kPa to
13.32 kPa for TENS-07 and from -3.58 kPa and 6.42 kPa
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Figure 13 - Readings from tensiometers installed at the lower island.

Figure 14 - Readings of tensiometers installed at the upper island.

for TENS-08, with average values of 5.97 kPa and
2.09 kPa, respectively. This island is less exposed to sunlight so that the local humidity can be much more preserved.
The daily accumulated rainfall and the total accumulated rainfall during the monitoring period can be observed
and compared with the tensiometers records (Figs. 11, 13,
14), where the daily accumulated rainfall shows more influence than the total accumulated rainfall in tensiometers
variation readings. Overall, the tensiometers presented an
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increase in the negative pore pressure (suction) during the
period with less rain and a decrease as the rainfall occurs.
It can be observed that, in the instruments located at
1.00 m depth and less (TENS-03 at 0.50 m depth according
to Fig. 11), daily accumulated rainfall over 40 mm caused
also variations to the readings. In TENS-05 (Fig. 11),
TENS-01 (Fig. 13) and TENS-07 (Fig. 14), for example,
the events occurred in January and February, 2013, had
similar effect, with abrupt falls after rainfall events, but
with different range. As the instruments are installed at
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deeper layers from the soil surface, they do not suffer such
significant variations.
In the data presented (Figs. 9, 10, 11, 13 and 14) it can
be observed that the records were interrupted during the peth
th
riod of November 8 to December 12 , 2012, usually resulting from problems with the acquisition at the datalogger
system.
3.4. Inclinometers
As for the monitoring of horizontal movements of the
soil mass, INCL-01 located at the middle portion of the
slope (intermediate island), presented stable accumulated
reading values of less than +/-2 mm between the base and
the top (Fig. 15). There have been two perceivable yet subtle areas of horizontal displacement accumulation, at
depths of 2.5 m and 5.0 m, however, they were not significant.
INCL-02 located at the upper island (Group 1), also
presented stability in its readings, with accumulated displacements lower than +/-2 mm (Fig. 16). The distortions
observed in both instruments can be attributed to: (i) accommodation of the top silty sand soil layer as a consequence of hole drilling for tube installation, and (ii) torpedo
readings.

The axes of the inclinometer tubes corresponded to
the direction in which its casings were positioned in relation to the slope. Therefore, axes A and B corresponded to
movements which are perpendicular and parallel to the
slope, respectively.
In slope stability studies, the movement’s magnitude
and relevance are considered according to the horizontal
displacement speed, with creep being the slowest process,
with displacement rates of 15 mm/year (Cruden & Varnes,
1993). For both inclinometers (INCL-01 and INCL-02), the
accumulated horizontal displacement measured over the
slope monitoring period did not reach what is considered to
be a soil creep phenomenon. The data point out the stability
of the monitored slope, attesting to the adequacy of the stabilization structure implanted in situ.

4. Conclusions
The analysis of rainfall readings in this study demonstrates that, during the monitoring period, there were not
any events of great magnitude (highest record equal to
260 mm in July, 2012), as opposed to those recorded in
2008, which accumulated approximately 1000 mm in November. There were also no heavy rain events during the
monitoring period, which led to little significant variations
of rainfall readings.

Figure 15 - Readings of accumulated displacements from INCL-01 at the intermediate island.
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Figure 16 - Readings of accumulated displacements from INCL-02 at the upper island.

Throughout the first three months of monitoring
(from May to July, 2012), it was possible to note low intensity rainfalls which lasted for long periods. Starting from
the months of August and September, 2012, the events
were scattered, with low rainfall values. This can be characterized as a drier period in relation to the previous quarter.
In the last months of monitoring (December, 2012 to February, 2013), the rainfalls had higher hourly intensity during
reduced periods of time. The records measured were equal
to 38 mm/h in January and February. This type of rain
events tends to produce greater runoff and less water infiltration in the soil. Consequently, the positive pore pressure
levels remained relatively stable.
The piezometer and tensiometer responses were in
accordance with the daily accumulated rainfall; for example, an increase of piezometric levels and a decrease of
suction values were observed after rain periods and, additionally, a decrease of positive pore pressure values and a
suction increase were observed after periods without rainfall records. It is worth to highlight that the local soil type,
characterized as silty sand, and the high fracture of the underlying rock, contribute to allow a faster drainage of the
slope, thus reducing the increase of positive pore pressures.
The piezometers showed a certain tendency towards stabilization of readings as a result of a few events of great inten-
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sity and heavy rainfalls. The piezometers installed at
greater depths showed more significant readings, especially during July, 2012, which was characterized by low
intensity rainfalls that lasted for long periods. This corresponded to an increase of the piezometric level, as a result
of infiltration and rainfall accumulation.
Due to the vegetation growth over the monitoring period, the suction values tended to increase for the tensiometers installed closer to the surface, in the intermediate and
lower slope islands (Groups 2 and 3). It was also verified
that the suction readings in the study area decrease with location depth, which corresponds to the expected humidity
profile for the active, non-saturated zone. As for the horizontal displacements, the readings analyses indicate stability, with values ranging up to +/- 2 mm.
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Development of a Cyclic Simple Shear Apparatus
M.B. Corte, L. Festugato, N.C. Consoli
Abstract. Considering the increasing incidence of cyclic loadings on engineering structures and the enhancement of
design analysis, soil testing under cyclic conditions has renewed its importance. Laboratory tests are conducted to simulate
as near as possible field conditions. Assumed conditions aid on the choice of the tests to be conducted in order to
determinate the relevant geotechnical parameters to each situation observed on the field. The simple shear test is
highlighted among the typical tests in Geomechanics. This is the only laboratory test capable of submitting the specimen to
plane strain conditions under constant volume while allowing the rotation of principal stresses. Such conditions are
representative of situations such as the adjacent shear mechanism to the shaft of piles or under offshore platforms. In this
sense a simple shear testing apparatus was developed. Contrasting with commercial equipment where confinement is made
by means of a rigid membrane, specimens are confined by cell pressure in the developed apparatus. Consolidation can be
conducted under isotropic or anisotropic paths and shearing, under monotonic and cyclic conditions (either stress or strain
controlled). Validation tests were conducted on the equipment using an well-known material. The results obtained were
satisfactory, validating the developed apparatus.
Keywords: cyclic loading, laboratory testing, monotonic loading, simple shear test.

1. Introduction
The direct simple shear apparatus has been successfully employed to characterize static and dynamic soil properties for many years (Duku et al., 2007). This test is often
preferred when the continuous rotation of the principal
stress directions during shearing is a field condition. In the
conventional apparatus, initial stresses can be applied to
simulate at-rest field conditions when wire reinforced
membranes are used to minimize lateral distortion of specimens (Bjerrum & Landva, 1966). A few of the most common applications of the simple shear testing are the vertical
shear wave propagation through a soil column, the mode of
shearing to a pile shaft (Randolph & Wroth, 1981) and under an offshore gravity base platform (Andersen et al.,
1980). Advantages and limitations of simple shear tests relative to other types of laboratory tests have been described
by many authors (e.g. Lucks et al., 1972; Saada et al., 1983;
Vucetic & Lacasse, 1982; Airey & Wood, 1984 Budhu &
Britto, 1987; Boulanger et al., 1993).
Most simple shear apparatuses, in order to impose no
lateral distortion, enclose the soil in a rubber-reinforced
membrane (Kjellman, 1951, Bjerrum & Landva, 1966). A
near K0 condition is assumed to be obtained in this type of
equipment. Differently, recent devices, such as the University of Western Australia (UWA) equipment, enclose specimen in an unreinforced latex membrane inside a pressurized cell (Mao & Fahey, 2003). The vertical and cell
pressures are controlled independently. With the equipment software routine, total vertical stress and sample
height are kept constant during shearing. In order to achieve

such conditions, the vertical loading ram is locked and the
cell pressure varies to keep total vertical stress constant.
Once height and volume are constant (undrained tests), average cross-sectional area is likely to remain constant. The
UWA equipment is frequently called as simple shear apparatus.
This paper describes the design of a simple shear apparatus, based on the UWA apparatus. The equipment was
designed, manufactured and calibrated at the Federal University of Rio Grande do Sul. Tests were carried out using a
well-known uniform sand to validate the equipment.

2. Previous Work
Simple shear tests have been used for many engineering and geology purposes, such as the study of mechanical
behavior of sands (De Alba et al., 1976, Mao & Fahey,
2003), clays (Chu & Vucetic, 1992, Boulanger et al., 1993)
and mine tailings (Wijewickreme et al., 2005, Wijewickreme et al., 2010, Festugato et al., 2013, Festugato et al.,
2015), and the modeling of folding and fracture patterns
(Price & Torok, 1989). The equipment development started
with an apparatus by Kjellman (1951) to overcome some of
the shortcomings of the traditional direct shear test, which
suffers from non-uniform stress distribution throughout the
specimen. Typically, the test consists of a circular specimen, consolidated to a stress level under K0 conditions.
There are a number of different configurations in
which direct simple shear devices were developed (Doherty
& Fahey, 2011). Each tries to solve the most difficult problem of the test: to apply normal and shear stresses at the lateral boundaries of the specimen while preventing vertical
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and horizontal deformation. During shearing, the different
designs try to keep volume and dimensions of the crosssectional area of the specimen constant (Franke et al.,
1979).
Roscoe (1953) resolved the problem by enclosing a
square-shaped specimen within rigid metallic walls (Cambridge apparatus). The sidewalls parallel to the directions
of the shear deformation are fixed relative to the base, while
the walls perpendicular to the deformation are attached to
the base by hinges. The movable lid remains parallel to the
base during the shear phase as well as during consolidation.
Authors as Roscoe & Burland (1967), Ansell & Brown
(2008), Peacock & Seed (1968) and Finn et al. (1971) have
improved aspects of the equipment develop by Roscoe
(1953). Once the specimen is enclosured by a sealed rubber
membrane, a sand specimen can be fully saturated with water through backpressure, so the pore water pressure can be
measured during undrained simple shear tests.
Another configuration of simple shear was developed
by the Norwegian Geotechnical Institute (NGI) to study
quick clays (Bjerrum & Landva, 1966). In this device, a cylindrical specimen is enclosured by a rubber membrane reinforced by a spiral winding of steel wire. The steel spiral is
supposed to prevent any change in the diameter of the specimen during the test, while allowing for vertical strains during consolidation. Undrained shear tests conducted using
backpressure to saturate specimens are not possible with
this type of equipment. That is because pore water pressure
and a sufficiently high backpressure would lead to bulging
of the reinforced rubber membrane (Franke et al., 1979).
The constant volume of the specimen is obtained by adjusting the vertical load to maintain a constant height. The
change in vertical stress is then assumed to correspond to
the change in pore water pressure of an equivalent test with
pore water pressure measurements. Casagrande (1976),
DeAlba et al. (1976) and Ansell & Brown (1978) made
some adjustments to the equipment.
The aim of all these apparatuses was to apply a simple
shear mode of deformation to a soil specimen, but the need
for the ends of the specimen to extend during shearing
means that complementary shear stresses are not generated
on the ends (Boylan & Long, 2009). Because of this, the
shear stress is non-uniform across the top and bottom of the
specimen, falling to zero at the corners. The resulting unbalancing couple has to be counteracted by an opposite
couple generated by a non-uniform distribution of normal
stress on the top and bottom of the specimen surface (Airey
et al., 1985).
These apparatus devices have been criticized as they
only measure the total vertical normal stress and the total
horizontal shear stress on the specimen during shearing and
give no idea of the uniformity of these stresses and true
stress state in the specimen (Perazzolo, 2008). To overcome these shortcomings, researchers (e.g. Budhu, 1984,
Airey & Wood, 1984) have developed apparatuses, that
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surround the test specimen with an array of load cells to
measure the complete state of stress around the specimen.
Radiographic techniques were used to monitor lead shot
embedded in the test specimen to give a measure of the internal strains, the uniformity of strains and allow the development of ruptures to be monitored (Budhu, 1984).
Research conducted by Airey & Wood (1984) on kaolin
showed that direct simple shear tests in a routine apparatus
with only the total horizontal shear stress and total vertical
stress measured underestimated the simple shear values
measured in an elaborately instrumented apparatus by only
10%. It has been suggested on the basis of experimental results that simple shear tests on clay can be presented with
more confidence than those conducted on sand (Airey &
Wood, 1984).
Mao & Fahey (2003) presented the simple shear apparatus manufactured in the University of Western Australia (UWA). In this equipment, the sample is enclosed in an
unreinforced latex membrane and contained in a pressurized cell, very similar to a triaxial apparatus. The vertical
and cell pressures are controlled independently. A
feedbacked system allows total vertical stress to be kept
constant during shearing phase while maintaining a constant sample height. This is achieved by locking the vertical
loading ram, and using the feedback system to vary the cell
pressure to keep the total vertical stress constant. As the
height and volume are both constant (for undrained tests),
the average cross-sectional area is likely to remain constant
also.
As a number of different simple shear apparatuses
have been developed over the past few decades, Doherty &
Fahey (2011) investigated two different aspects of the devices. The different total stress paths followed by devices
that impose constant cross-sectional area using a stiff external boundary, and those that use a constant total stress lateral boundary condition were explored. This was done by
conducting finite element analysis of a single cubic element. The authors observed that this element might be subjected to perfect simple shear using four different boundary
condition types. Each boundary condition type results in
the same effective stress path, but different total stress paths
and excess pore pressures. However, significant differences in total stress path and excess pore pressures occur
among the four boundary condition types.

3. Description of the Apparatus
The simple shear device of the Federal University of
Rio Grande do Sul (UFRGS) was designed to confine samples with a membrane through confining pressure. In the
developed apparatus, sample height is kept constant during
shearing and total vertical stress is constant. The maximum
horizontal displacement a sample can achieve during shearing is 25 mm, while in UWA equipment the maximum displacement is 10 mm.
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Figure 1 presents the basic definitions of the simple
shear apparatus. In Fig. 1, sy is the vertical stress, sx is the
horizontal stress, D is the diameter of the specimen, h represents the height of the specimen, txy is the shear stress, ex is
the horizontal strain, ey is the vertical strain and gxy is the
shear strain.
Shear stress t refers to the shearing loads in the horizontal direction, while the strain caused by shearing, g, is
the ratio between the horizontal displacement and height of
the specimen. The principal stresses of can be determined
through Eq. 1 and 2, being dependent on the vertical and
horizontal effective stresses, s’V and s’H.
s¢v = CP + q - PP
s¢H = CP - PP

(1)

where CP is the confining pressure, PP is the pore pressure
and q is the deviator stress.
The principal effective stresses (s’1, s’2, s’3) can be
obtained from the equation:
s¢v + s¢H
æ s¢ - s¢H ö
± ç v
÷ + t2
2
2
è
ø
¢
¢
s2 = sH

by software. Also, the instrumentation should be as close as
possible to the soil sample.
A schematic view of the apparatus and instrumentation is shown in Fig. 2. The specimen is cylindrical and
three different diameter samples can be tested in the developed equipment: 50, 75 and 100 mm (the validation tests
performed in this research used 100 mm diameter samples).
The sample height is usually not higher than half of the diameter to ensure uniform stress distribution. To confine the
sample, a latex membrane is used. The specimen is enclosed both top and bottom by two steel plates. These plates
present 8 mm salient edges that contain the porous stone
and the sample during shearing. Hoses are connected to
each plate to allow drainage. This group of pieces is called
shear cell, and its schematic view is shown in Fig. 3. The
two plates and the specimen are placed in the equipment
and connected to pins linked to the load cell.
The horizontal displacement system, vertical force
application system, confining pressure and backpressure
system, instrumentations and control system are described
in the next sections.

2

s¢1 , 3 =

(2)

where s’V and s’H are the effective vertical and horizontal
stresses and t is the shear stress on the horizontal plane
(Mao & Fahey, 2003).
q and p’ can be obtained from Eq. 3 and 4 respectively.
q = s¢1 - s¢3
p¢ =

(s1¢ + s¢2 + s¢3 )
3

(3)
(4)

The principal requirement of the apparatus design
was that all test phases could be controlled and monitored

3.1. Horizontal displacement system
The horizontal displacement is applied with a servo
motor system. The rotation of the motor is converted into
horizontal displacement through a recirculating ball screw.
A piston is linked to the ball screw and connected to the
load cell, responsible for measuring the shear stress supported by the sample. The load cell is involved by metal
pieces connected at the bottom to a slider and a rail system
that allows horizontal displacement, and at the top to the
shear box, linked to the load cell through a rigid pin. In addition, a linear displacement transducer is connected to this
piece assembly to measure horizontal displacements.
3.2. Vertical force application system
The same configuration of servo motor system is used
to apply vertical force on the top of specimen. The rotation
of the motor is converted into vertical translation through a
recirculating ball screw. A piston is linked to the ball screw
and connected to a load cell, responsible to measure the vertical force applied to the sample. A linear transducer is
fixed to the reaction system used to impose constant height
during shearing. Linear guides guide the system up and
down movement.
3.3. Confining and back pressures

Figure 1 - Basic definitions of the simple shear apparatus.
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The apparatus was design to receive air as fluid to apply confining pressure. The air was used as confining fluid
to allow all the instrumentations be placed inside the chamber without the need of waterproof instruments, also the
large volume of fluid required to fill the chamber contributed to this option.
Compressed air is received by a proportional valve,
which sends the pressure requested by the control system to
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Figure 2 - Schematic view of the apparatus.

Figure 3 - Schematic view of the shear cell.
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the chamber. The pressure imposed on the system is measured and checked by a pressure transducer located at the
top of the chamber.
The application of backpressure was based on the
consolidation systems used in triaxial tests. Water is pressurized by a piston moving inside a cylinder. The piston is
actuated by a ball screw and a servomotor guided by sliders
and rails.
This system is responsible for applying backpressure
and measuring volume change. A pressure transducer
linked to the system controls the backpressure imposed to
the specimen. As the volume of the cylinder and the position of the servomotor are known, it is possible to measure
any volume change in the specimen. Digital limitations of
movement are used to prevent the piston to exceed the limits of the cylinder. The servomotor stops when the digital
limitation is triggered.
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3.4. Instrumentation and control system

4. Test Procedure

The digital control system for the simple shear device
serves two purposes. The first is to provide control signals
to the drives that control the three servomotors of the equipment (horizontal displacement, vertical force and backpressure system) and the proportional valve (confining pressure). The second purpose is to acquire data from the load
cells, linear transducers and pressure transducers.
A PCI-2517 board was used to control the test and
measure the instrumentation. This enables guaranteed sampling frequencies with an internal feedback loop of 1 kHz.
Differential analog input channels are used for the two load
cells, two LVDTs and two pressure transducers.
The board has four analog output channels with resolution of 16 bits. Accuracy of analog input is 0.031%. The
board channels control the three motors and the proportional valve. The proportional valve is from Norgren. Is has
a total error smaller than 1% and the response time is
smaller than 100 ms, maximum pressure is 10 bar. The servomotors used in the apparatus are from Delta Instruments.
They have a power of 0.74 kW, torque of 2.39 Nm and
maximum rotation of 3000 rpm.
A LabVIEW algorithm was implemented to control
and read the instrumentation during tests. The simple shear
device operates under strain control or stress control which
requires two different shear routines.
In strain controlled tests, the reading of the horizontal
LVDT is required to set the direction and way of motion of
the servomotor. In stress controlled tests, the servomotor
operates according to the measurement of the horizontal
load cell. In addition, the confining pressure transducer
governs the operation of the pressure valve. Differing from
the confining pressure, the backpressure is applied with a
servo-controlled motor, which allows the measurement of
volume change of sample during tests. Instrumentation is
read and recorded every 20 ms.
Before conducting any test with the apparatus, all
measuring instruments, such as load cells, pressure transducers and LVDTs were calibrated. The servo-controlled
motors were also calibrated, so routine test could be conducted through a linear velocity, instead of an angular one.
Figure 4 presents the developed simple shear apparatus.

Once the size of the specimen is chosen, the corresponded plates are positioned on the equipment. The sample is positioned between the bottom and top caps and the
latex membrane is placed. The set is positioned in the apparatus. The vertical piston is positioned in order to touch the
set. With the entire fixation finished, the chamber is closed
and all the zeros of the test are read.
The phases of percolation (upwards water flow is established through the sample), saturation (incremental
steps of backpressure are imposed to achieve saturation)
and consolidation (sample is conducted to the effective
stress state desired before shearing) are conducted with the
according software specific routine. Once the first steps of
the test are concluded, the sample is ready to be sheared.
The routines of monotonic, strain controlled or stress controlled loading are then opened and conducted.

5. Materials and Methods
5.1. Materials and specimen preparation
Osorio sand was chosen due to its widely known behavior and extensive investigation in the past 20 years at the
Federal University of Rio Grande do Sul (UFRGS, Brazil)
using distinct laboratory testing, such as plate load tests
(Casagrande, 2001, Consoli et al., 2003a, 2009, Spinelli,
1999), ring shear tests (Casagrande, 2005, Consoli et al.,
2003b, 2007), direct shear tests (Marcon, 2005), isotropic
compression tests (Consoli et al., 2005) and triaxial compression tests (Consoli et al., 1998, 2002, 2004, Festugato
2008, 2011, Sachetti, 2014).
The sand is classified as uniform fine sand. Quartz
corresponds to 99% of the mineralogical composition. Osorio sand has a specific gravity of solids of 2.62; uniformity
coefficient, Cu, of 2.1; curvature coefficient, Cc, 1.0; its effective diameter, D10, is 0.09 mm; mean diameter, D50,
0.16 mm, minimum void ratio, emin, 0.6 and maximum void
ratio, emax, 0.9.
Specimens were prepared with a split mold. The sand
was manually mixed with 10% of water and compacted in
two layers by tamping inside the mold at a relative density
of 50%. The size of the specimens was fixed with diameter
of 100 mm and 50 mm height. The latex membrane was positioned inside the mold, which has a hollow tube to apply
vacuum. A vacuum pump was used to approximate the latex membrane to the mold during sample compaction. Orings were used for sealing. Once the specimen was prepared, the top cap was positioned and the set was put in the
apparatus. Figure 5 presents the method of preparation of
specimens and the test procedure.
5.2. Simple shear testing

Figure 4 - Simple shear apparatus developed.
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The main focus of the tests was to validate the equipment. Thus, tests were carried out with monotonic and cyclic loading. Specimens were tested with relative density of
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Figure 5 - Specimen preparation and test procedure: (a) insertion of saturated porous stone on top and bottom cap; (b) placing of saturated filter paper; (c) preparation of latex membrane inside split mold; (d) vacuum application; (e) compaction of soil specimen; (f) finalization of specimen preparation and cleaning of the membrane surface; (g) insertion of the top cap; (h) insertion of specimen on the
simple shear apparatus; (i) specimen after shearing.

50%. The initial effective stresses were 50, 100 and
150 kPa for monotonic loading and 100 kPa for cyclic loading. For all tests the backpressure was 300 kPa and the confining pressure was changed according to the initial effective stress. This range of effective stresses was chosen so
that the results observed in this research could be compared
against previous works that studied similar levels of effective stresses (Casagrande, 2005, Festugato, 2008, Marcon,
2005). Shearing was performed under undrained conditions. For monotonic tests, the displacement rate of
0.1 mm/s was adopted based on previous work of Festugato
et al. (2013). Cyclic testing was conducted under strain
controlled conditions with initial effective stress of
100 kPa, a shear strain amplitude of ± 2.5% and frequency
of 0.1 Hz (Festugato et al., 2013). Monotonic simple shear
tests were analyzed through shear stress-shear strain, pore
pressure variation-shear strain, variation of vertical effective stress-shear strain curves and stress paths. Cyclic simple shear tests were studied through shear stress-shear
strain curves; shear stress, shear strain, variation of pore
pressure and variation effective vertical against the number
of cycles curves, and stress paths. From the curves, strength
and stiffness parameters are defined: effective internal friction angle, g’, and shear modulus, G, respectively.
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6. Simple Shear Test Results
In order to demonstrate the performance of the simple
shear apparatus, tests were conducted on Osório sand specimens. The obtained results were compared to results of
other authors.
6.1. Monotonic test results
The monotonic tests were performed under undrained
conditions, with constant displacement speed of
0.1 mm/min, equivalent to a shear strain rate constant of approximately 0.2%/min.
Figure 6 presents results of the monotonic test at the
initial effective vertical stress of 50, 100 and 150 kPa. The
sandy matrix under undrained simple shear conditions presents slightly pronounced strength peak, followed by a
shear stress reduction associated with the increase of pore
pressure (Fig. 7).
The shear stress rises up to a level around 50 kPa falling to about 40 kPa until 10% strain for the specimen tested
with an initial vertical effective stress of 50 kPa. After this
fall, the sand specimen regains strength.
The specimen tested with 100 kPa initial vertical effective stress exhibited similar behavior to the 50 kPa test.
Under undrained monotonic simple shear conditions, the
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Figure 6 - Shear stress vs. shear strain for s’v = 50, 100 and
150 kPa.

With an initial effective stress of 150 kPa, pore pressure increases to a value of 36 kPa and remains constant until the end of the test. Effective vertical stress reduces to
114 kPa in response.
In Fig. 8 the results are presented as p’ vs. q. Results
show the same behaviors for all tests until the maximum
value of q is reached in each test.
The ratio between shear stress and effective vertical
stress vs. shear strain is presented in Fig. 9. It was observed
the expected behavior. For all monotonic tests, as strength
of cohesionless materials is essentially derived from friction, shear stress normalized by the vertical effective stress
is shown to be similar.
6.2. Cyclic test results
Cyclic simple shear tests were conduced with the initial effective vertical stress of 100 kPa. Due to a problem in
data acquisition, the first readings were not recorded by the
software. The data obtained starts for Test 1 at vertical effective stress of 65 kPa and for Test 2 of 85 kPa. Cyclic
loading was performed under strain controlled conditions.
The frequency was 0.1 Hz and the shear strain amplitude
was ± 2.5%.
Figure 10 shows the shear stress-effective vertical
stress curves obtained for the two cyclic tests. Initial load

Figure 7 - Effective vertical stress and pore pressure increment vs.
shear strain for s’v = 50, 100 and 150 kPa.

sandy soil presented a slightly pronounced strength peak.
The shear stress increased up to a level of 85 kPa falling to
about 80 kPa at 22% strain. Analogous behavior was observed for 150 kPa initial effective vertical stress.
The variation of pore pressure and effective vertical
stress is presented in Fig. 7. For the test conducted with initial effective vertical stress of 50 kPa, the variation of pore
pressure increases to around 7 kPa at 3% strain. After that,
the pore pressure increment decreases until the end of the
test when it comes to -90 kPa. In response to pore pressure
variation, to guarantee plane strain conditions with constant
volume, effective vertical stress initially at 50 kPa is reduced to 43 kPa at 3% strain. It then undergoes a gradual increase, reaching 140 kPa at a strain of 33%.
In the test of 100 kPa initial effective vertical stress,
the pore pressure increment increased up to 15 kPa, reducing afterwards to -90 kPa upon reaching the deformation
20% and continued to reduce until the end of the test. In response to increasing pore pressure, to guarantee conditions
of plane strain with constant volume, the effective vertical
stress initially at 100 kPa reduced to 85 kPa, reaching afterwards 190 kPa at 20% strain.
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Figure 8 - p’ vs. q for s’v = 50, 100 and 150 kPa.

Figure 9 - Shear stress/Normal effective stress vs. shear strain for
s’v = 50, 100 and 150 kPa.
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Figure 10 - Shear-stress for cyclic tests, s’v = 100 kPa.

Figure 12 - Strength envelope for cyclic and monotonic tests.

cycles present higher values of strength. With increasing
number of cycles, strength decreases with the reduction of
effective vertical stress. The decrease of the effective vertical stress during the test can be seen in Fig. 11. This reduction is quite pronounced during the test. This decrease is a
response to the pore pressure variation. It is observed the increase in pore pressure increment with increasing cycles,
resulting in reduction of the effective vertical stress. Although the pore pressure during cyclic test has presented
distinct behavior between Test 1 and Test 2, both tests resulted in the same strength envelope (Fig. 12).

for medium dense sands (Atkinson, 1993, Wood, 1990,
Lambe & Whitman, 1979). In the initial cycles of testing, it
is verified that the stress path of cyclic tests did not reach
the failure envelope. After the third cycle, the stress path
reaches the failure envelope. The test was conducted until
the effective vertical stress was reduced to zero for both
tests.
To analyze the strength parameter, a straight line was
fitted to the points of maximum shear stress. The internal
friction angle of 35° was obtained and the cohesive intercept was zero.
The shear modulus (G) variation with shear strain is
presented in Fig. 13. It can be observed that the three analyzed stresses had very similar shear modulus variation
trend. As shear strain evolves the shear modulus degrades.
Atkinson & Sallfors (1991) and Mair (1993) observed also
a stiffness degradation for a wide range of shear strain.

6.3. Comparison of results
The studied sand behavior was analyzed through testing at different initial effective vertical stresses. For monotonic tests, initial effective vertical stress were carried with
50, 100 and 150 kPa. Cyclic tests were conducted with
100 kPa initial effective vertical stress. Figure 12 gathers
the shear stress-shear strain curves of the three monotonic
tests and the cyclic tests. The strength peaks for monotonic
tests are observed at shear strains varying from 5 to 7%. After these peaks, the strength falls. Such behavior is expected

Figure 11 - Variation of initial effective stress, s’v = 100 kPa.
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6.4. Validation of the apparatus
In order to validate the developed apparatus, the
strength parameters derived from the testing of this study
were compared against literature results (Table 1). It was
found compatibility of the results obtained for the Osório
sand with previous studies on this same material. Four dis-

Figure 13 - Variation of modulus (G) with shear stress.
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Table 1 - Tests analyzed to compare the strength parameters.
Test

Dr (%)

e (%)

s’v (kPa)

f’ (°)

Casagrande (2005)

Triaxial

50

0.75

20 100 200 e 400

33.5

Festugato (2008)

Triaxial

50

0.75

50 100 e 200

37.0

Marcon (2005)

Triaxial

67

0.71

50 100 e 200

35.9

Reference

Marcon (2005)

Direct shear

67

0.71

50 100 e 200

34.9

This study

Simple Shear

50

0.75

50 100 e 150

35.0

tinct researches were evaluated. Three of these performed
triaxial tests (Casagrande, 2005, Festugato, 2008, Marcon,
2005) and one of them carried out direct shear tests (Marcon, 2005).
Drained triaxial tests conducted by Marcon (2005)
found the friction angle was 35.9°. The mean void ratio in
the study was 0.71 with relative density of 67% and the initial confining stresses were 50, 100 and 200 kPa. The author also conducted direct shear tests under normal stresses
of 50, 100 and 200 kPa, obtaining a friction angle of 34.9°.
Casagrande (2005) examined the behavior of Osório
sand with relative density of 50% carrying out consolidated
drained triaxial tests. The author used confining pressures
of 20, 100, 200 and 400 kPa and obtained a friction angle of
33.5°.
Festugato (2008) carried out drained triaxial tests
with Osorio sand (at relative density of 50%) under the confining pressures of 50, 100 and 200 kPa. The effective friction angle was of 37.0°.
Such testing results are presented in Table 1 along
with the current study data.
Through the results comparison, it can be seen that
the effective internal friction angle obtained through the
simple shear equipment is consistent with the reference values found in the literature. There was a slight variation of
the values, which can be explained by the different stress
paths performed.

7. Conclusions
A simple shear apparatus has been developed to test
soil samples. The apparatus uses internal monitoring instruments. Shear stress can be applied considering monotonic
or cyclic loading. Cyclic loading can be conducted under
strain or stress controlled conditions.
The results of the simple shear tests presented in this
paper indicate that the equipment has consistent and adequate quality results. When results of the simple shear tests
are compared against results on this same Osorio sand from
literature, values are comparable. Unlike usual triaxial
tests, the simple shear test presents the advantage of allowing the simulation of complete rotation of the stress state by
imposing a plane strain condition.
Despite the limited number of performed tests, the
observed results were consistent and presented good agreement. A sound indication of that is the same strength enve-
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lope limiting all stress paths .The results presented in
Table 1, show very low variety from the internal friction angle obtained on the simple shear. From literature, minimum
value found was 33.5° and maximum was 37°, the average
was 35.3°. Simple shear tests performed obtained a strength
parameter of 35°. The shear strength parameter f’ obtained
in triaxial tests showed minimum variations compared with
the value found with the simple shear apparatus. When
compared to the direct shear test, the internal friction angle
obtained through the simple shear tests varied very little.
It was observed that the behavior of the proportional
valve, with an associated pressure transducer, showed optimum performance, maintaining the confining pressure with
little variation. The behavior of the servomotor assembly
and the associated pressure transducer was suitable for the
requirements. Pressures were kept stable throughout the
tests without leaks.
Load cells and displacement transducers showed expected performance. Small oscillations could be found during the analysis of the results, due to electromagnetic
induction created by the drivers of the engines. These oscillations did not affect the results. The calibration of the engines was adequate and their behavior was satisfactory to
perform simple shear tests.
The preparation of specimens, assembly and completion of simple shear tests showed no major difficulties. The
developed equipment allowed the evaluation of soil behavior when subjected to cyclic loading.. All analyzes obtained
in this type of device were made in effective shear stresses.
Due to the reasons cited above, the equipment developed was considered satisfactory for the execution of simple shear tests. New researches will be developed using this
same equipment.
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The Undrained Strength of Soft Clays Determined
from Unconventional and Conventional Tests
S.G.F.P. Lemos, P.J.M. Pires
Abstract. The laboratory fall cone test, considered an unconventional test, was performed to estimate the undrained shear
strength of undisturbed samples of Brazilian coastal soft clays with different plasticity index values. The undrained shear
strength determined by laboratory fall cone test was compared with the strength determined by conventional field and
laboratory tests commonly used to estimate this parameter in cohesive soils: piezocone test, field vane test, unconfined
compression test, unconsolidated undrained triaxial compression test and laboratory vane test. The fall cone test undrained
shear strength results presented good agreement with the laboratory vane test strength results and reasonable agreement
with unconfined compression test strength results. The strength results obtained by laboratory tests were compared with
the continuous strength profile estimated from the piezocone test calibrated using the field vane test, and presented good
agreement with fall cone test and laboratory vane test strength results. The normalised undrained shear strength was
compared with some empirical correlations reported in the literature based on plasticity index, being verified some
behaviour similarity.
Keywords: fall cone test, soft clays, undrained shear strength.

1. Introduction
The properties of the soil are crucial to perform a
geotechnical engineering design. Estimating geotechnical
parameters is complex because of the difficulty in obtaining reliable experimental data and because of the natural
variability of the subsoil. In soft cohesive soils, the determination of these parameters is considered to be even more
complex, as it is necessary to understand not only the soils
strength properties but also its deformability properties and
hydraulic conductivity. For short-term stability analyses in
these soils, the undrained shear strength Su is the most important design parameter (Shogaki, 2006).
Many factors affect the shear strength of clays, such
as the types of minerals, humidity, stress history, draining
during shear, load rate and soil structure, and it is not justifiable to attempt to attribute a unique shear-strength value to
any given clay (Sridharan et al., 1971). Moreover, according to Lunne et al. (1997b), there is no unique value for Su in
situ; this value depends on the mode of rupture, the anisotropy of the soil, the deformation rate and the stress history.
The standard tests to determine the shear strength of
soils are typically classified as either laboratory or field
tests. Field tests generally supply measurements of the soil
strength that can be acquired more rapidly and in greater
quantity than the measurements afforded by laboratory
tests. However, they provide less precise measurements
and, in some cases, are based on empirical correlations
(Alshibli et al., 2011).

The conventional tests to determine Su in the laboratory are unconfined compression test (UCT), unconsolidated undrained triaxial compression test (UUT) and laboratory vane test (LVT), and in situ are piezocone test
(CPTU), field vane test (FVT) and pressuremeter test
(Kempfert & Gebreselassie, 2010). Su depends on the testing method, among other factors, thus to understand the relations between the strengths determined by each test and
the reliability of these determinations is important when Su
is a relevant parameter (Watabe & Tsuchida, 2001).
The fall cone test (FCT), considered unconventional
test in many countries, was developed between 1914 and
1922 by the Geotechnical Commission of the Swedish
State Railways and, compared with other test methods, it is
considered to be a very simple method, which has led to its
extensive use in Scandinavia (Hansbo, 1957). Although it
was originally developed to estimate the strength of remoulded cohesive soils, it became widely used as a standard method of determining the liquid limit of clays
(Koumoto & Houlsby, 2001), having already been included
in the British, Swedish, Canadian and Japanese standards
(Claveveau-Mallet et al., 2012; Feng, 2000; Tanaka et al.,
2012).
The present study shows the result of five conventional and commonly applied tests for the Su determination CPTU, FVT, UCT, UUT and LVT - and compares these results with those of the fall cone test (FCT), also known as
the Swedish cone test.
The strength results obtained by laboratory tests were
compared with the strength profile obtained from CPTU
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with the cone factors (Nkt and NDu) calibrated using the FVT,
considered a referential test to obtain reliable values of Su
(Schnaid & Odebrecht, 2012). The CPTU was adopted because it supplies a continuous profile of Su. Also it has a
strong theoretical foundation and several well-known and
comprehensive publications are available concerning its interpretation (Robertson, 2009).
This study also compares the normalised undrained
shear strength results with some empirical correlations
reported in the literature based on the plasticity index
(IP).

2. Materials and Methods
2.1. Soil
The investigated site is located in the city of Vila
Velha, Espirito Santo State, in the coastal region of
Brazil, near to Rio de Janeiro, composed of recent fluvial, fluvial-marine and fluvial-lacustrine sediments.
The soft clay deposits in Brazil found all along the coast-

line were originated in the Quaternary period. The local
subsoil was formed by cycles of erosion and sedimentation which occurred during periods of regression and
transgression of sea level, between the Pleistocene,
123000 years ago, and the Holocene, 5100 years before
present (Suguio, 2010).
The investigated deposit is formed of a thick layer of
soft clay, situated in an area near to a highway construction
site, whose subsoil underwent rupture during the embankment operations. Standard penetration tests (SPT) and piezocone test (CPTU) performed locally indicate that the site
(Fig. 1) is composed of a subsurface layer of a very soft organic clay, with water level 0.50 m below the surface, over
a layer of very soft marine clay with thickness of 15.0 m,
followed by a layer of sand. Fig. 1 also presents the clay
layer SPT blow count (Nvalue) of zero values, low values of qt
and fs, obtained from CPTU, and water content (wn) values
above the liquid limits (wL) determined by characterization
tests in SPT samples.

Figure 1 - Typical geotechnical profile.
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2.2. Testing program
Piezocone test (CPTU) and field vane tests (FVT)
were performed near to the Standard Penetration Test location whose results are indicated in Fig. 1. CPTU was performed between the depths of 0.50 and 20.0 m, with three
dissipation tests being performed at depths of 6, 7 and 12 m.
At depths between 7.0 and 12.0 were performed the field
vane tests (FVT) and also collected six undisturbed samples. The sampling procedures, packaging and transport of
the undisturbed samples followed the requirements of the
Brazilian standard ABNT (1997).
The laboratory testing program comprised 24 fall
cone tests (FCT), 12 vane tests (LVT), 6 unconfined compression tests (UCT) and 6 unconsolidated undrained triaxial tests (UUT).
The undisturbed sampling tubes were segmented as
illustrated in Fig. 2, allowing the FCT tests to be performed
on the faces of all segments. The FCT and LVT were performed with the soil sample kept in the segmented sampling tube. Subsequently the sample was extracted for
moulding the specimens to UUT, UCT and oedometer
(OCT) tests.
2.3. Fall cone test (FCT)
The test consists of dropping a standard cone onto the
soil under its own weight and after 5 seconds measuring the
penetration depth of the cone into the soil. From the penetration depth, the undrained shear strength in both undisturbed (Su) and remoulded (Sur) conditions can be estimated
by the following equation:
S u ( FCT ) = K

W
d2

(1)

where W is the mass of the cone in grams, d is the penetration depth of the cone in the soil in units of mm, and K is an

empirical constant that depends on the cone tip angle (b)
and on the cone roughness (x).
Hansbo (1957) estimated the value of K by comparing the FCT results with FVT and LVT, with K equal to 1.0
and 0.30 for cone angles of 30° and 60°, respectively, that
are used in the Canadian standard CAN (2006) to estimate
Su and Sur (Claveveau-Mallet et al., 2012). Wood (1985
apud 1990) found K mean values of 0.85 and 0.29 for cones
angles of 30° and 60°, respectively, by comparing results
between FCT and LVT. The European standard ISO (2004)
indicates K values of 0.80 to 1.0 for cone angle of 30° and
0.27 for 60°.
Houlsby (1982) has presented a theoretical analysis
of the cone test for strengths in the same range as those that
have already been determined empirically. This analysis reinforces the use of empirical correlations and the relevance
of certain variables in the determination of the constant K,
such as the cone tip angle and its roughness.
Koumoto & Houlsby (2001) have analysed the cone
penetration mechanism into the soil, introducing the concept of dynamic strength for static results. They compared
their theoretical K values with those obtained experimentally by other authors, concluding that there was good
agreement in the results obtained for a cone with an angle of
60°, whereas for a 30° cone, the theoretical values were
slightly higher than those obtained experimentally.
The fall cone tests were performed on the faces of the
soil sample kept in the segmented sampling tube following
the recommendations of the European standard ISO (2004).
The cone has a weight (W) of 80 g, a cone tip angle of 30°
and a mean roughness of 0.4 mm. Five measurements of the
depth (d) were performed on each face of the segmented
sample indicated in Fig. 2, keeping at least 25 mm distance
between each point and from the edge of the sampler. Measurements higher than 10% of the mean value were ex-

Figure 2 - Undisturbed sampling tubes segmentation for laboratory tests. Values in mm.
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cluded from the estimate of Su and a K value 0.80 was
adopted, as recommended by the standard ISO (2004).

2.5. Conventional in situ tests

2.4. Conventional laboratory tests

The field vane tests were performed in accordance
with the Brazilian standard ABNT (1989) using a steel vane
retracted in the protective shoe for advancement without
pre-drilling and the instrument is equipped with slip coupling. The vane prescribed by the Brazilian standard has a
diameter of 65 mm, a height of 130 mm, and a vane thickness of 2 mm. The vane retracted in the protective shoe was
inserted into the soil and once the desired depth was
reached, it was pushed into the soil 0.50 m from the lower
part of the protective shoe. Immediately was applied torque
at a speed of 6 ± 0.6°/min and the torque curve vs. the applied rotation was recorded to determinate Su. The remoulded conditions were created by rotating the vane rapidly
through ten revolutions and the test repeated to determine
Sur. The Su(FVT) and Sur(FVT) values were estimated using Eq. 2,
where T is the maximum value of torque corrected for rod
friction measured by slip coupling.

2.4.1. Laboratory vane test (LVT)
The procedure to perform the LVT followed the recommendations of the American standard ASTM (2010), including those concerning the calibration of the springs. The
vane has a height of 25.4 mm and a diameter of 12.7 mm,
corresponding to the 2:1 ratio that is recommended to reduce the effects of the anisotropy on the shear strength. The
vane was inserted into the soil sample kept in the segmented sampling tube, with a depth equal to twice its
height, for measuring undisturbed strength (Su). Two tests
were performed for each segmented samples indicated in
Fig. 2 in opposite faces. The remoulded conditions were
created after the peak strength was reached. So the vane
was manually rotated by ten complete turns, and the test
was then repeated. The Su and Sur values were estimated
based on the following equation, for the height of the vane
being twice the diameter:
S u ( LVT )

T
= 0.86
pD 3

(2)

where T is the maximum torque applied by the spring and D
is the diameter of the vane in consistent units with strength.
The relationship between vane torque T and spring deflection measurement in the test was established through the
calibration procedure.
2.4.2. Unconfined compression test (UCT)
The UCT was performed following the recommendations of the American standard ASTM (2006). Specimens
were moulded for each segmented sampling tube indicated
in Fig. 2, except for sampling from 7.0 m depth that was
highly fissured and was discarded. They were prepared
with a constant height to diameter ratio of 2 and unconfined
compression tests with controlled strain were performed.
The Su(UCT) value was calculated as half of the unconfined
compression strength (qu).
2.4.3. Unconsolidated Undrained Triaxial Compression
Test (UUT)
The UUT was performed in accordance with the recommendations of the American standard ASTM (2003).
Specimens were moulded for each segmented sampling
tube indicated in Fig. 2 with a constant height to diameter
ratio of 2 and wrapped in a membrane. The specimen was
inserted into a triaxial cell for the application of confining
pressure followed by the application of an axial load. The
Su(UUT) value was calculated as half of the deviator stress (sd),
calculated without correction for membrane effects.
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2.5.1. Field vane test (FVT)

2.5.2. Piezocone test (CPTU)
The cone test with porewater pressure measurements
was performed following the recommendations of the
American standard ASTM (2012). The penetrometer has a
cross section area of 10 cm2 and the filter element located
at the base (measurement of u2). The penetration was performed at a constant speed of 20 ± 5 mm/s, taking automatic measurements of the following parameters: cone
resistance (qc), friction sleeve resistance (fs) and porewater
pressure (u2). The corrected cone total resistance (qt) was
calculated using the following equation:
q t = q c + u 2 (1 - a n )

(3)

where an is the ratio between the areas obtained through calibration, which, in this case, was equal to 0.75.
A large number of studies concerning the interpretation of the CPTU to obtain the undrained strength of clays
can be found in the literature, representing two different interpretation approaches: one based on theoretical solutions
and another based on empirical correlations, generally preferred as reported by Lunne et al. (1997b). The empirical
approaches estimate Su by three empirical cone factors, Nkt,
NDu and Nke, generally used in combination with FVT data
being given by the following equations (Danziger &
Schnaid, 2000):
S u ( CPTU ) =

( q t - s vo )
N kt ( FVT )

(4)

S u ( CPTU ) =

(u 2 - u 0 )
N Du ( FVT )

(5)

S u ( CPTU ) =

(q t -u2 )
N ke ( FVT )

(6)
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In geotechnical engineering practice in Brazil, Eq. 4
is more used (Danziger & Schnaid, 2000; Almeida & Marques, 2014; Coutinho & Schnaid, 2010). In very soft clays,
the Eq. 5 has more accuracy in u2 and u0 measurements than
qt (Robertson & Cabal, 2015).

Table 1 - Vane test results.

3. Results and Discussion
3.1. Field test results
The undisturbed and remoulded strengths obtained
through the field vane test (FVT) are presented in Table 1.
According to Skempton & Northey (1952) classification,
the soil deposit can be considered sensitive.
The Nkt and NDu values obtained by Eqs. 4 and 5 and
calibrated using the FVT are shown in Fig. 3(a). Typically
Nkt varies from 10 to 20 (Lunne et al., 1997b; Robertson,
2009). For Brazilian soft clays, Coutinho & Schnaid (2010)
reported Nkt values between 9 and 18, Schnaid & Odebrecht
(2012) between 10 and 20 for normally consolidated or
slightly overconsolidated clays and Baroni (2016) between
6 and 18 for soft clays of Rio de Janeiro.

Depth (m)

Su(FVT) (kPa)

Sur(FVT) (kPa)

St = Su/Sur

7.0

2.95

1.72

1.72

8.0

6.60

1.40

4.71

9.0

11.32

1.97

5.75

10.0

14.08

3.02

4.66

11.0

12.34

1.72

7.17

12.0

11.02

1.72

6.41

Although Nkt(FVT) values of the studied deposit vary between 17 and 37, values at depths of 7 and 8 m do not have
good agreement with the range reported in the literature, so
Nkt equal to 20 was adopted as representative of the deposit,
being slightly higher than Brazilian reported clays. Almeida et al. (2010) compared Nkt values from several regions of the Brazilian coast and considered the dispersion
of the values to be significant, indicating the large variabil-

Figure 3 - (a) Nkt and NDu values with depth, (b) Strength estimates by FVT and CPTU.
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ity of the Brazilian coast soils and the importance of estimating the Nkt value for each deposit.
Roberson & Cabal (2015) reported NDu values between 4 and 10. For Brazilian soft clays, Coutinho &
Schnaid (2010) reported NDu values between 7 and 9.5 and
Coutinho & Bello (2014) between 7.5 and 11 for Recife soft
clays. NDu(FVT) equal to 10 was adopted as representative of
the deposit, being similar to Brazilian reported clays.
Figure 3(b) shows the undrained shear strength values
estimated by in situ tests. The Su estimate from CPTU used
the adopted cone factors Nkt and NDu, respectively, equal to
20 and 10. From 9.0 m depth there was a good agreement
between the Su(CPTU) estimates by the two cone factors and
between Su(CPTU) and Su(FVT) estimates.
3.2. Laboratory test results
Table 2 shows the quality classification of undisturbed samples based on the ratio between variation in the
void ratio (De) and initial void ratio (eo), proposed by Lunne
et al. (1997a) modified by Coutinho (2007) for Brazilian
clays. It is observed that samples numbers 2, 5 and 6 presented poor quality and numbers 3 and 4 presented good to
excellent quality.
Overall, the results of tests performed on low-quality
samples tend to underestimate Su. Tanaka (1994, 2008) has
observed for LVT tests performed on poor samples that
quality of the sample has little influence on the results of Su,
but for UCT tests Su was underestimated.
A summary of the soil properties obtained from undisturbed samples is presented in Table 3. The natural water
content values are closer to the liquid limit and the samples
can be subdivided into three groups depending on the IP
value: (1°) IP greater than 60% and less than 100%, samples
1 and 2; (2°) IP greater than 100%, samples 3 and 4; and (3°)
IP less than 50%, samples 5 and 6.

Table 2 - Quality classification of undisturbed samples by Coutinho (2007).
Sample number

De/eo

Classification

2

0.10

Poor

3

0.07

Good

4

0.04

Excellent

5

0.10

Poor

6

0.18

Very poor

The X-ray diffraction measurements indicated that
kaolinite and muscovite are the predominant clay minerals,
being also detected the presence of quartz, illite and montmorillonite.
3.2.1 Strength results and comparison
Figure 4 shows the relationship between undrained
shear strengths estimated from FCT and from conventional
laboratories tests: LVT, UCT and UUT. For FCT and LVT
it can be concluded that there was good agreement between
the results, with a tendency for the Su(LVT) values to be
slightly lower than those of the Su(FCT), as shown by regres2
sion lines (R = 0.84). The same behaviour has also been observed by Rajasekaran & Narasimha Rao (2004) on marine
clays treated with lime. Those authors concluded that the
FCT test is a good alternative for estimating the undrained
strength of clays.
The Su(LVT)/Su(FCT) ratio had a mean of 0.92 with standard
deviation of 0.17 and variation coefficient of 1.3%.
For FCT and UCT there was reasonable agreement
between the Su results, with a tendency for the Su(UCT) values
to be higher than the Su(FCT), as shown by regression lines
2
(R = 0.62). The Su(UCT)/Su(FCT) ratio had a mean of 1.14 with
standard deviation of 0.34 and variation coefficient of 30%.

Table 3 - Properties of the soil studied.
Sample number
Depth (m)
3

Specific gravity of soils particles - Gs (kN/m )

1

2

3

4

5

6

7.0

8.0

9.0

10.0

11.0

12.0

27.3

27.5

27.6

26.9

27.0

27.2

Bulk unit weight - gnat (kN/m )

-

14.8

13.6

13.1

15.0

15.2

Clay fraction £ 0.002 mm (%)

40

46

52

49

38

36

Silt > 0.002-0.063 mm (%)

36

30

23

28

16

27

Sand > 0.063-2.0 mm (%)

24

24

25

23

46

37

3

Natural water content - wn (%)

112

86

139

162

82

76

Liquid limit - wL (%)

121

95

143

167

77

71

Plastic limit - wP (%)

34

31

41

45

29

26

Plasticity index - IP (%)

87

63

102

123

48

44

Void ratio - eo

-

2.42

3.71

4.25

2.15

2.01

Over consolidation ratio - OCR (by OCT)

-

1.02

1.23

1.23

1.06

-
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Figure 4 - Correlation between Su values from FCT and conventional laboratory tests (LVT, UCU and UUT).

Tanaka et al. (2012) have compared Su data estimated
by UCT and FCT from four sites that have been extensively
investigated in Japan (Atsuma, Takuhofu, Y-Ariake, &
H-Osaka). These sites exhibit different characteristics but
similar undrained shear strengths, varying between 20 and
80 kPa. In this study, the author recognised a tendency for
the Su(UCT) values to be lower than the Su(FCT), except for the
Y-Ariake site. It was observed that the differences could
not be attributed to the quality of the samples, consistent
with the study of Horng et al. (2011), which concluded that
the effects of disturbances in the samples are similar for
UCT and FCT.
Unexpectedly, the UUT results did not demonstrate
good agreement with the FCT, as shown by regression lines
(R2 = -0.85). And the Su(UUT)/Su(FCT) ratio had a mean of 1.51 with
standard deviation of 0.51 and a variation coefficient of 34%.
Figure 5 shows the correlation between undrained
shear strengths estimated from FCT and conventional in
situ tests: FVT and CPTU. For these correlations there was
observed larger discrepancy between Su results and it was
not possible to establish an adequate linear regression.

Figure 5 - Correlation between Su values from FCT and conventional in situ tests (FVT and CPTU).

The Su(FVT)/Su(FCT) ratio had a mean of 0.92 with standard
deviation of 0.49 and variation coefficient of 53%. Despite
the larger discrepancy, it was observed a tendency for the
Su(FCT) values to be higher than the Su(FVT) values, similarly to
Tanaka et al. (2012) results.
The Su(CPTU-Nkt)/Su(FCT) ratio had a mean of 1.25 with standard deviation of 0.52 and variation coefficient of 41%.
The Su(CPTU-NDu)/Su(FCT) ratio had a mean of 1.11 with standard
deviation of 0.59 and variation coefficient of 53%.
It is difficult to judge whether variation in soil properties is caused by human factors or by the natural variability
in the properties (Tanaka, 2008). The discrepancy observed
in Figs. 4 and 5 can be considered to be predominantly attributable to the disturbance of the samples, as their quality
was generally classified as poor. However, others important factors were observed in the samples and should be
considered, such as the large vertical variability, indicated
by liquid limit variations, the presence of shells (Fig. 6a),
concretionary materials (Fig. 6b) and thin layers of sand
and mica (Fig. 6c). These factors may have influenced the

Figure 6 - Samples variability: (a) shells, (b) concretionary material and (c) layers of fine sand and mica.
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laboratory test results, particularly the FCT and LVT, and
are also an indicative of horizontal variability.
Figure 7 may help to understand the larger discrepancy between Su results presented in Fig. 5. It is observed
that Su estimated by CPTU ranged between 3.6 kPa to
17.6 kPa with considerable variations at certain depths,
such as between 7.0 and 7.2 m. For correlations presented
in Fig. 7, the mean value of Su(CPTU) in 1.0 m range was considered, thus it was not possible to verify by this analysis if
there was good agreement between the FCT and CPTU results.
Despite the heterogeneity of the deposit and discarding the very discrepant values of Su(UCT) and Su(UUT), it can be
visually observed in Fig. 7 that between the depths of 7.0
and 11.0 m there is a good agreement between the laboratory Su results and Su(CPTU) estimated with Nkt cone factor. Between depths of 11.0 and 13.0 m the Su(FCT) and Su(LVT) do not
present good agreement with Su(CPTU). These samples presented the lowest plasticity index (mean of 46) and the
highest percentage of sand (mean of 42%). Maybe a drained behaviour can explain this greater variation among the
Su results. Larsson et al. (1987) observed that Su(FCT) values
measured in specimens from greater depths than 10 and
15 m are often too low and the same behaviour occurs in
clays of low plasticity and high sensitivity, which also can
explain the lower Su(FCT) results between depths of 11.0 and
13.0 m.
3.2.2. Empirical correlations
Attempts to develop simple methods for estimating
the undrained shear strength of soils based on physical indices, such as correlations based on plasticity index, have
been conducted since the beginning of Soil Mechanics
(Kempfert & Gebreselassie, 2010). However, several of the
most well-known empirical correlations were established
using data from soils obtained in countries of northern Europe and America, where the sediments were strongly influenced by the glaciers of the ice age period (Tanaka,
2000; Tanaka et al., 2001).
Although the correlations developed in a given geological context are not universally applicable and should be

Figure 7 - Undrained shear strength estimated by conventional
and unconventional tests.

used with caution, as well as be calibrated locally (Larsson
& Ahnberg, 2005; Leroueil et al., 2001), empirical correlations between the undrained shear strength (Su) and the
plasticity index (IP) can be used to support and complement
strength determinations (Larsson et al., 1987). Some of
these correlations are presented in Table 4.

Table 4 - Empirical correlations between normalised Su and IP (adapted from Kempfert & Gebreselassie, 2010).
Equation

Reference

Applicability

Su/s’vo = 0.0037IP + 0.11

Skempton (1957)

NC soils, IP > 10%

Su/s’P = 0.0024IP + 0.2

Leroueil et al. (1983)

Clays from eastern Canada, IP < 60%

Su/s’P = 0.003IP + 0.14

Lambe & Whitman (1969)

All clays

Su/s’P = 0.45(IP/100)1/2

Bjerrum & Simons (1960)

NC clays

Su/s’P = 0.22

Mesri (1975)

Soft clays

Su/s’P = 0.0043IP + 0.129

Wroth & Houlsby 1985

NC clays

s’vo: initial effective vertical stress; s’p: preconsolidation stress.

298

Soils and Rocks, São Paulo, 40(3): 291-301, September-December, 2017.

The Undrained Strength of Soft Clays Determined from Unconventional and Conventional Tests

Figure 8 - Relationship between normalised undrained shear
strength with effective vertical stress (Su/s’vo) and plasticity index
(IP).

Many of these correlations indicate a tendency for
Su/s’P or Su/s’vo increase with increasing of IP. Figures 8 and
9 illustrates the relation between Su/s’vo and Su/s’P and IP using the in situ test data (FVT) and laboratory test data (FCT,
LVT, UUT, UCT) obtained in this study and the empirical
correlations presented in Table 4.
Despite the large dispersion, it can be observed in
Fig. 8 that exists a tendency for Su/s’vo increase with in2
creasing of IP, as shown by linear correlation (R = 0.38),
similar to the Skempton linear correlation and being more
accentuated for IP lower than 70%. Baroni (2016) reported
for Rio de Janeiro soft clays that there is not a tendency for
Su/s’vo increase with IP.
Figure 9 was elaborated with Su/s’P results of samples
number 2 to 5 and presents the same behaviour of Fig. 8, a
tendency for Su/s’P increase with increasing of IP and being
more accentuated for IP lower than 70%. The regression
line presented the same behaviour of Bjerrum & Simons
potential correlation. Similarly, Futai et al. (2008) have observed for clay deposits in Rio de Janeiro that the Su/s’P ratio demonstrates a tendency to increase with increasing of
IP, similar behaviour of the Canada clays.
As reported by Tanaka (1994), the Su/s’P ratios determined for various Japanese marine clays ranged between
0.25 and 0.35 and did not exhibit any significant relationship to IP, being Su values estimated by FVT and IP values
ranging between 20% and 150%. Chung et al. (2007) had
also concluded for a specific Japanese marine clay deposit
that the Su/s’P ratio did not depend on IP.

4. Conclusions
In the present study, the undrained shear strength (Su)
results from laboratory fall cone test (FCT) were compared
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Figure 9 - Relationship between normalised undrained shear
strength with preconsolidation stress (Su/s’P) and plasticity index
(IP).

with the Su results from conventional field and laboratory
tests commonly used in geotechnical engineering to estimate this parameter in cohesive soils: CPTU, FVT, UCT,
UUT and LVT. The normalised undrained shear strength
estimates were compared with some empirical correlations
based on plasticity index. The following conclusions result
from this study:
• The Su values determined by FCT presented good agreement with the Su determined by LVT, with
Su(LVT)/Su(FCT) = 0.98 obtained by linear regression (coeffi2
cient of determination R = 0.84).
• For FCT and UCT there was reasonable agreement between the Su results, with a tendency for the Su(UCT) values
to be higher than the Su(FCT). The Su(UCT)/Su(FCT) = 1.14 was
obtained by linear regression (coefficient of determina2
tion R = 0.62).
• FCT and UUT did not demonstrate good agreement between the Su results, with variation coefficient of 34% for
the Su(UUT)/Su(FCT) ratio.
• The Su values determined by FCT did not present good
agreement with the Su determined by FVT, with variation
coefficient of 53% for the Su(FVT)/Su(FCT) ratio.
• Despite the considerable variations between Su(CPTU) values estimated with Nkt cone factor for certain depth ranges, there was a good agreement with Su(FCT) and Su(LVT) for
depths until 11.0 m.
• The difference between Su values determined through
laboratory and in situ tests can be assigned to others important factors like the large vertical variability indicated
by liquid limit variations and the presence of shells,
concretionary materials and thin layers of sand and mica
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that may have influenced the laboratory test results, particularly the FCT and LVT.
• The normalized undrained shear strength data, Su/s’P and
Su/s’vo, determined using the various test methods presented a tendency to increase with increasing of IP, similar to some empirical correlations reported in the literature.
As a final contribution of this study, considering the
simplicity and flexibility of the fall cone test (FCT) application and the possibility to collect a greater number of data, it
would be appropriate to use this method to support and
complement other strength determinations.
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